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Abstract 

This study investigates two aspects of precast concrete insulated sandwich wall panels, namely 

mechanical connections and fatigue behaviour. In the first part, flexural tests were performed on 

panels with various end support conditions, loading orientations, and reinforcement and shear 

connector materials. Bolted angle connections were used to simulate practical support 

conditions, while loads were applied in a manner to simulate windward pressure as well as 

suction. Panels with steel and basalt fibre-reinforced polymer (BFRP) longitudinal reinforcement 

were tested and compared. Discrete steel and BFRP shear connectors were also used and 

evaluated. The bolted angle connections provided partial end fixity, thereby increasing the 

overall strength and stiffness relative to identical panels simply supported by rollers during 

testing. In all cases the bolted connections succeeded in developing the full strength of the 

sandwich panels. Panels with steel reinforcement failed due to rupturing of flexural 

reinforcement, while a panel with BFRP reinforcement failed due to rupturing of shear 

connectors and crushing of concrete in one wythe. Panels loaded in the direction of wind 

pressure achieved higher peak loads than identical panels loaded to simulate suction. An 

analytical model accounting for material nonlinearity, end support conditions and partial 

composite action from the shear transfer system was developed. The model accurately predicted 

flexural stiffness, while the peak load was underestimated in most cases.  

In the second part of the study, seven fatigue tests were performed on four panels with 

either steel or BFRP flexural reinforcement and shear connectors. Cyclic bending was conducted 

at two loading amplitudes: a high (Pdef) and a low (Pstr) load, representing serviceability limits for 

deflection and stress, respectively; both considerably higher than the maximum national wind 

load. The effect of a moderate axial load, as in loadbearing walls, was examined. The panels 
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initially had a Degree of Composite Action (DCA) of 76-84%. The axially-loaded steel-

reinforced panel achieved 1M cycles under Pstr, then another 1M under Pdef. Its DCA reduced to 

73 then 65%. Without axial load, 1M and 0.24M cycles were achieved under Pstr and Pdef, and 

DCA reduced to 69 and 22%, respectively. The BFRP-panel failed at 0.07M cycles at Pstr. Its 

DCA reduced from 76 to 69%. It was then axially loaded and retested successfully to 1M cycles. 

Stiffness degradations of 12-50% consistent with DCA reductions were observed. 
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Chapter 1: Introduction 

1.1 General 

The adoption of stringent building code regulations and potential consequences of excessive 

energy consumption have opened the door to alternative construction methods. Integrally 

insulated concrete ñsandwichò wall panels have become an exciting and viable alternative to 

conventional thermally inadequate building envelope construction methods. Concrete sandwich 

panels are durable and energy efficient, and can function as loadbearing walls or architectural 

cladding elements. A typical panel is comprised of a single insulating layer that is enclosed by 

two outer concrete wythes (layers) (PCI Committee, 1997). In addition to resisting axial and 

lateral loading, the wythes contribute thermal mass and lag effects that benefit the overall 

thermal performance of the panel system (PCI Industry Handbook Committee, 2010). The 

wythes are secured together using ties or connectors that transfer in-plane shear forces between 

wythes, greatly influencing structural strength and stiffness (PCI Committee, 1997). Complete 

and incomplete shear transfer are characterized as fully composite and non-composite action, 

respectively. While each extreme has its own advantageous and limitations, an intermediate level 

of partial composite is typical of most panels in industry (Frankl, 2008). 

Though concrete and steel have been utilized in most conventional shear connection 

systems, both are thermally conductive materials and can form a thermal bridge between wythes. 

In order to avoid compromising thermal performance, many shear connection alternatives have 

been researched and proposed in the past several decades. Recently, fibre-reinforced polymers 

(FRPs) including basalt-FRPs (BFRP) have become the source of numerous research 
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investigations in the field of shear connection due to their enhanced tensile strength and reduced 

thermal conductivity relative to steel.   

The majority of the research conducted on the flexural performance of concrete sandwich 

panels has involved static testing of specimens supported by simple roller supports. However, in 

practice, panels are generally supported by connections with partial end fixity and subjected to 

repeated thermal bowing or wind loading cycles. A minimal amount of research has been 

conducted on both of these fronts, specifically the effect of end connections on flexural load 

response. A widely-used connection that has not been studied in conjunction with concrete 

sandwich panels is the bolted angle. Additionally, the scope of past sandwich panel fatigue 

investigations has involved a limited number of full -scale specimens and applied load cycles 

(well below 100,000) and to the authorôs knowledge, none of the previous test panels has 

reached fatigue failure. Additionally, in radiant heated floor or roof applications, a sandwich 

panel may be subjected to large repeated flexural live loads. Over the course of hundreds of 

thousands of load cycles, a panel may fail prematurely or experience considerable degradation at 

an applied load much less than its static strength.  

 

1.2 Objectives 

The primary objective of this thesis is to examine the effect of practical end connections and 

fatigue loading on a concrete sandwich wall panel system with different reinforcing materials. In 

particular, a practical bolted angle system and its effect on a panelôs flexural performance is 

investigated. Additionally, the fatigue behaviour and degradation characteristics of an identical 

sandwich panel subjected to hundreds of thousands of loading cycles are studied. Specific 

objectives include:  
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1. To record the load-deflection, load-end slip, load-strain, and end-rotation response of 

panels tested in orientations that simulate windward pressure and suction.  

2. To compare the load responses of the panels with bolted angle connections with those of 

identical panels with simple roller supports. 

3. To develop and validate an independent analytical model accounting for material 

nonlinearity, shear transfer method, and partial composite action and partial end fixity.  

4. To monitor the change in deflection, stiffness, end slip, strain levels of concrete sandwich 

panels as they are subjected to hundreds of thousands of fatigue loading cycles. 

5. To assess stiffness degradation and reduction in the degree of composite action over 

fatigue life using a new proposed method based on relative slip between wythes 

6. To determine the residual strength of panels upon the completion of their respective 

fatigue protocols.  

7. To observe and compare the various failure mechanisms of all sandwich panel specimens 

when loaded to failure during static or fatigue testing.  

 

1.3 Scope 

The scope of this research thesis consists of experimental and analytical investigations and 

comparisons with reference tests performed in past studies. The experimental programs are 

designed to address the flexural behaviour of concrete sandwich panels with practical end 

connections, as well as the flexural fatigue performance of identical simply supported panels.  

 The experimental work was split into two phases. The first phase reported on three static 

tests conducted on panels with steel and BFRP reinforcement and shear connectors. These panels 

were secured to a specially-designed support setup to accurately simulate field connections to 
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floors or foundations. In addition to end condition, the direction of loading, simulating both wind 

pressure and suction, was also examined. Deflection, end slip and rotation, and strains were 

closely monitored throughout testing to compare with static tests performed by past researchers 

on identical panels. A global model using SAP2000 combined with cracked section analysis was 

developed to predict the panel response, accounting for partial composite action through a bond-

slip model, partial end fixity, concrete cracking and nonlinearity and steel plasticity. 

 The second phase of this thesis investigation included seven tests conducted on four 

panels with steel and BFRP reinforcement and shear connection. Each panel was subjected to a 

unique fatigue protocol at one or two service load levels. The effect of axial load was also 

examined. Static tests were performed at specific cycle milestones to track changes in stiffness, 

strain, and permanent end slip and deflection. Two panels that survived either one or two million 

fatigue cycles were tested monotonically to failure and their load-responses were compared to 

identical static references from literature. 

 

1.4 Thesis Outline 

The contents of this thesis are listed below: 

 

Chapter 2: A review of the background, applications, and composition of concrete sandwich 

panels. The nature and performance of previously researched shear connector systems are 

summarized, in addition to past studies on end connections and fatigue performance.  

 

Chapter 3: A manuscript which documents the experimental studies on the effect of bolted 

angle connections and loading orientation on the flexural performance of concrete sandwich 

panels. This includes full-scale testing of three specimens to failure under four-point bending. 
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The results are compared to those of an independent analytical model as well as identical simply 

supported specimens from literature.  

 

Chapter 4: A manuscript that describes an experimental investigation of the fatigue performance 

of concrete sandwich panels with various reinforcement materials. This includes the cyclic 

testing of four specimens with and without axial load, as well as static failure tests for two panels 

that reached their respective fatigue protocol objectives. 

 

Chapter 5: A summary of conclusions from the two experimental studies and suggestions for 

future research. 

 

References: A list of past research and supporting documents referenced in this thesis. 

 

Appendix A: A collection of supporting data for the tests involving concrete sandwich panels 

with bolted angle connections. 

 

Appendix B: A visual sampling of DIC post-processing. 

 

Appendix C: A collection of images explaining the analytical model in further detail. 

 

Appendix D: A collection of images of experimental tests involving concrete sandwich panels 

with bolted angle connections. 

 

Appendix E: A detailed visual explanation of the determination of non-composite end slip. 

 

Appendix F: A collection of images of experimental fatigue tests on concrete sandwich panels. 
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Chapter 2: Literature Review 

2.1 Introduction  

This section introduces some of the background and applications for precast concrete 

sandwich panels. The concept and importance of composite action is described, as well as past 

studies involving various shear connector materials and configurations. Prior studies relating to 

flexural and axial testing and practical end connections are discussed. The state of concrete 

sandwich panel fatigue behaviour is also defined. 

 

2.2 Background and Characteristics 

In the past fifty years, the use of concrete sandwich panels has become increasingly prevalent 

within the precast concrete industry. Due to their thermal resistance properties, these panels 

present a viable solution to the demand for energy efficient construction in residential and 

commercial sectors. Numerous advantages have been identified in comparison to industry 

alternatives, including design flexibility, durability, acoustic- and fire-resistant properties, 

surface finishes and speed of erection (Einea et al., 1994). Though sandwich panels are often 

utilized in architectural cladding applications, they can serve as loadbearing walls in the exterior 

building envelope for a variety of structures such as schools, office and residential buildings, and 

hospitals. Recently, concrete sandwich panels have been adapted for use in radiant heated floors 

and roof applications (Henin et al., 2014). 

 

2.2.1 History 

During the 1960s, the first widely-used concrete sandwich panel employed a double tee design 

with solid concrete zones for shear transfer between concrete wythes. The solid concrete zones 
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allowed the panel to achieve a high degree of structural efficiency through the development of 

full composite action. Soon thereafter, flat concrete panels were introduced, reducing concrete 

material, while maintaining the structural capacity due again to the presence of solid concrete 

zones (Gleich, 2007). However, the presence of these zones significantly compromised the 

thermal integrity of the panel system by creating a thermal bridge between outer concrete wythes 

(Frankl, 2008). Steel shear ties were introduced in an attempt to improve the thermal 

performance, while maintaining overall panel strength. In comparison to large solid concrete 

zones steel shear connectors were found to improve thermal efficiency, though the thermal 

bridge effect was still present.  

In the 1980s, non-composite, thermally-efficient panels were introduced. Despite their 

reduced structural capacity, these panels found a niche in the architectural cladding industry. 

Non-composite panels utilized metallic pin or polypropylene connectors, and in recent times, 

glass fibre-reinforced polymer (GFRP) vinyl-ester connectors.  

In 2003, the first fully composite and thermally efficient panel was designed and 

fabricated. Produced by AltusGroup, these panels relied on carbon fibre-reinforced polymer 

(CFRP) shear grid as a means for shear transfer between wythes (Gleich, 2007). In the past two 

decades, major technological advances in the material properties of concrete, and reinforcing and 

insulating materials have led to innovations in the design of precast concrete sandwich panels.  

 

2.2.2 Materials and Configurations 

The majority of materials used in the fabrication of concrete sandwich panels are typical of 

precast concrete plants: structural concrete, reinforcing bars, welded-wire reinforcement, 

embedded steel or nylon hardware, and prestressing strands (PCI Committee, 2011). In order to 
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minimize wythe thickness, the design strength is typically high (40 to 60 MPa), while high-early 

strength is also often specified to allow for rapid fabrication. Self-consolidating mixes are 

regularly utilized to counteract the congestion of the reinforcement assemblies within the wythes. 

By increasing the ease of construction and decreasing labour costs, lightweight concrete has 

recently become a viable alternative material for sandwich panels (Ahmad and Mohamad, 2012). 

Steel reinforcing bars have been used traditionally, though FRP bars are gaining acceptance due 

to their thermal advantages. Prestressing strands are often specified according to wythe thickness 

with 3/8 in. [9.5 mm] diameter strands commonly used in 2 in. [50 mm] thick wythes. For 3ò [76 

mm] or thicker wythes, 1/2ò [13 mm] strands are typically employed. Materials unique to the 

manufacture of precast concrete sandwich panels include insulation and various types of shear 

connectors (PCI Committee, 2011). Expanded (EPS) or extruded (XPS) polystyrene rigid foam is 

universally accepted as the insulating material for modern sandwich panels. These foam panels 

create a significant but unpredictable adhesion bond with concrete, which is often assumed to fail 

over time with repeated lateral or thermal load cycles (PCI Committee, 2011). It is estimated that 

even a panel without shear connection will achieve 50% the strength of a fully composite panel 

due to the foam adhesion and friction alone (Tomlinson and Fam, 2014). EPS is typically 

regarded as having the greater adhesive bond of the two insulating materials. Very recently, 

Voellinger et al. (2014) have incorporated highly thermally-resistant vacuum insulated panels 

(VIPs) into concrete sandwich panels. A large variety of wythe shear connectors have been 

proposed in the past few years, though conventional materials include concrete, steel, and FRP.  

Most modern concrete sandwich panels are composed of three layers: a central foam core 

and an inner and outer concrete wythe. Depending on structural application and degree of 

composite action, the inner wythes may range from 2 in. [50 mm] to 8 in. [203 mm], while the 



 

9 

 

total thickness of the panel may range from 6 in. [152 mm] to 12 in. [305 mm]. In non-composite 

panels, the outer wythe is normally much thinner than the inner wythe, as it is non-loadbearing. 

Generally, non-composite panels are assumed to have an overall thickness of approximately 1.5 

times the equivalent composite panel thickness (PCI Committee, 2011). In contemporary three-

wythe sandwich panels, the central insulating layer is typically between 1 in. [25 mm] and 4 in. 

[102 mm]. Sandwich panels can be span anywhere from 10 ft. [3.05 m] to 50 ft. [15.24 m] in 

length with a width of 8 ft. [2.44 m] to 12 ft. [3.66 m] (PCI Committee, 1997).  

 Concrete sandwich panels may consist of additional layers as illustrated by the three-

wythe panel proposed by Lee and Pessiki (2003; 2004; 2006; 2007; 2008). Their design included 

a central concrete wythe surrounded by a layer of rigid insulation and an outer concrete wythe on 

either side, for a total of five layer elements, as illustrated in Figure 2-1 (Lee and Pessiki, 2008). 

Lee and Pessiki concluded that this novel system had numerous practical advantageous over 

modern concrete sandwich panels including enhanced thermal resistance and a higher degree of 

composite action. Due to the enhanced thermal efficiency, solid zones of concrete and thickened 

concrete regions could be added without compromising the thermal performance. Additionally, 

the presence of the central wythe ensured that prestressing strands could be placed exclusively in 

that wythe only.  

 Frankl (2008) and Frankl et al. (2008; 2011)  developed an alternative panel cross-section 

that minimized shear transfer distance and provided more space for prestressing. For a 12 ft. 

[3.66 m] wide cross-section, the inner structural wythe had 24 in. [610 mm] ribs on either side of 

the centre line with two rows of CFRP shear grid passing through each rib connecting the inner 

wythe to the outer wythe along the length of the panel. This cross-section, pictured in Figure 2-2, 

improved structural efficiency, while maintaining thermal performance (Frankl et al., 2011; 
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Gleich, 2007). Lameiras et al. (2012a) proposed a similar cross-section with concrete ribs that 

minimized the shear transfer distance.  

 Tomlinson and Fam (2014) investigated another innovative sandwich panel cross-section 

that incorporated a ñfloatingò concrete stud within the central insulating core (Figure 2-3). They 

concluded that the concrete stud element enhanced composite action by stiffening the central 

portion of the GFRP shear connectors passing through them. However, the effectiveness was 

inversely proportional to the connector diameter, as larger connectors expedited cracking of the 

unreinforced studs.  

 Aside from slab panels, other conventional shapes commonly used for inner wythes in the 

precast concrete sandwich panel industry include double tee and hollow core sections. 

 

2.2.3 Thermal Performance 

The thermal behaviour of concrete sandwich panels is typically governed by three main 

parameters: the insulation layer(s), the shear transfer mechanism, and the interior structural 

wythe (Woltman, 2014). As previously mentioned, the insulation layer has a large effect on the 

overall panel thickness, and typically ranges from 1 in. [25 mm] to 4 in. [102 mm] in thickness 

(PCI Committee, 2011). In addition to providing thermal resistance, the foam core acts as a 

vapour barrier. Foamôs low water absorption characteristics are advantageous as the insulation 

does not draw water from wet concrete upon casting.  

 The presence of shear connectors or ties within the insulating layer creates a thermal 

bridging effect which vastly reduces the thermal effectiveness of the panel. Though steel 

connectors and solid concrete zones have been the mostly widely used means of shear transfer in 

industry, they have the highest thermal conductivities of all available materials. The reduction of 
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the thermal bridging effect in sandwich panels has been a major focal point for researchers in the 

past two decades. One investigation in particular concluded that a steel penetration as small as 

0.08% of the panel area led to a reduction in thermal performance by 38% (McCall, 1985). When 

a common concrete penetration was introduced (21.3% of panel area), the reduction in thermal 

resistance increased to 77%. Sauter (1991) produced a comparison of R-value (BTU/hr·ft.2) 

variation with connector area for various connector materials assuming no concrete penetration, 

as shown in Figure 2-4. The researcher concluded that FRP-based shear ties offered superior 

thermal resistance qualities compared to steel alternatives. Research has also shown that the 

formation of thermal bridging is not limited to shear connector penetrations. Butt joints within 

insulating layers act as paths for concrete to flow during pouring, creating a small but 

undesirable thermal bridge. For this reason, special joints exist for the continuous connection of 

foam insulation elements, including perpendicular, inclined and curved lapping (Einea et al., 

1991). Alternatively, when multiple layers of foam are necessary, they are staggered in order to 

disrupt the flow of concrete through the layers. For the same reason, openings around connectors 

and other hardware are often packed with loose insulation or expanding spray foam. 

 Past research has demonstrated that varying the thickness of the inner wythe also has an 

effect on the thermal properties of a concrete sandwich panel, specifically thermal mass and 

thermal lag. Figure 2-5(a) compares the heat flow of two conventional walls, as well as a 

concrete sandwich panel wall (PCI Industry Handbook Committee, 2010). According to this 

diagram, the concrete sandwich panel has a lower peak load by roughly 13% for heating and 

30% for cooling.  The ability of a sandwich panel to absorb heat and delay the transfer of energy 

results in thermal lag, which is evidenced by horizontal time shifts for heating and cooling in 

Figure 2-5(a). The effect of inner wythe thickness variation is shown in Figure 2-5(b) for a 
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sandwich panel with constant insulation layer and outer wythe thicknesses (PCI Industry 

Handbook Committee, 2010). This figure illustrates that an increase in inner wythe thickness 

results in a reduction and delay in heating and cooling peak loads.  

 The urge to improve the energy efficiency of building envelopes presents an attractive 

opportunity for the sandwich panel industry. In 2009, space heating and cooling represented 64% 

of all residential secondary energy use and 53% of all commercial secondary energy use 

(NRCan, 2012). This large share of energy consumption combined with increased regulatory 

requirements for energy efficiency make precast concrete sandwich panels a viable solution to 

fulfill these needs.  

 

2.3 Degree of Composite Action 

The structural design and efficiency of a sandwich panel is dependent on the level to which 

interfacial shear is transferred between wythes (Bunn, 2011). Insulated concrete sandwich panels 

can be designed to behave as either a non-composite, partially composite, or fully composite 

system (Rizkalla et al., 2009). Optimization of composite action has been a popular research 

topic in the field of sandwich panels, and many experimental and analytical investigations have 

been undertaken in order to identify the key parameters affecting composite behaviour.  

 

2.3.1 Full Composite Action 

A sandwich panel that achieves complete interfacial shear transfer between wythes is said to be 

fully composite, as both wythes work together as a single unit to resist applied load all the way to 

failure. In this way, the panel is structurally and economically efficient, as it is stronger and 

thinner than its non-composite counterpart, reducing both initial and lifecycle costs (Einea et al., 

1994). A fully composite concrete sandwich panel will fail either by concrete crushing or 
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reinforcement yielding and rupture, while the shear transfer mechanism remains infinitely stiff 

(Benayoune et al., 2004). In flexure, the fully composite nature of the sandwich panel is reflected 

by the continuously linear strain distribution across the depth of the panel cross-section with a 

single neutral axis, as shown in Figure 2-6(a) (Benayoune et al., 2004). The presence of infinitely 

stiff shear connection eliminates the occurrence of horizontal slip between wythes and the 

concrete panel behaves as a monolithic element, as illustrated in Figure 2-7(a) (Metelli et al, 

2011). In practice, the shear force between wythes is typically caused by longitudinal bending 

due to wind or other lateral forces. However, full composite action does present unique design 

challenges, as the differential strain between wythes can lead to undesired thermal bowing when 

temperature or humidity gradients are present (Losch, 2003).  

 

2.3.2 Non-Composite Action 

In architectural façade applications where thermal bowing is possible, non-composite panels are 

preferred. In a non-composite system, there is zero shear transfer between concrete wythes and 

each wythe behaves independently under applied flexural loads. This behaviour is exemplified 

by the flexural strain distribution shown in Figure 2-6(b), with the formation of two neutral axes, 

as well as distinct tensile and compressive strains in each wythe (Benayoune et al., 2004). Shear 

connectors used in non-composite systems generally have no shear stiffness in the longitudinal 

direction and are limited to transferring normal forces between wythes (PCI Committee, 2011). 

Due to the lack of shear stiffness, the wythes are free to slip relative to each other longitudinally, 

as demonstrated in Figure 2-7(b) (Metelli et al., 2011). In non-composite panel design, the 

thicker inner structural wythe is assumed to resist all of the applied loads, while the outer wythe 

merely serves as an architectural façade. When thermal gradients are present, the thermal strain 
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in the outer concrete wythe is not transferred to the inner wythe, allowing each wythe to deform 

independently (Losch, 2003). As a result of minimal shear connection in non-composite panels, 

thermal bridging is significantly reduced leading to superior thermal advantages over composite 

panel designs. However, differential wythe thickness can induce cracking due to unequal 

concrete curing and shrinkage stresses as noted by Losch (2005). 

 

2.3.3 Partial Composite Action 

In most concrete sandwich panels, an intermediate level of composite action is present. A panel 

with partial composite action possesses a means of shear transfer that exhibits behaviour between 

the two extremes of composite and non-composite (Frankl, 2008). Though most design methods 

assume non-composite action, partial composite action is typically the reality. Under flexural 

loading, the distribution of strain across the partially composite panel cross-section is variable, 

but often takes a form similar to that of Figure 2-6(c) (Benayoune et al., 2004). Relative 

horizontal slip in a partially composite system exists, but the magnitude is less than that of the 

non-composite counterpart, as shown in Figure 2-7(c) (Metelli et al., 2011). Recently, Bai and 

Davidson (2015) developed a rigorous Discrete Model to define the small displacement 

behaviour of partially composite foam insulated concrete sandwich panels. Using this model, the 

researchers were able to improve calculation accuracy for stress near shear connectors. They 

noted that deflections due to shear deformations can dominate the overall deflection of the panel 

when the foam layer stiffness is relatively small.  

 

2.3.4 Methods of Shear Transfer 

The degree of composite action achieved by a concrete sandwich panel system is dependent on 

the configuration and material used in the shear connection system. Several common one-way 
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shear and non-composite shear connection systems are as shown in Figures 2-8 and 2-9, 

respectively. As mentioned previously, the earliest forms of shear transfer in sandwich panels 

were zones of solid concrete, which yielded high levels of composite action. Though most 

modern panel designs have attempted to eliminate this form of shear transfer for thermal reasons, 

Lee and Pessiki (2003) proposed a three-wythe panel design that alleviated these concerns. This 

panel, shown in Figure 2-1 (Lee and Pessiki, 2008), had staggered concrete zones and behaved 

similar to a fully composite panel, while showing adequate thermal performance. Steel ties 

(Pessiki and Mlynarczyk, 2003) and trusses in particular, have been researched extensively 

throughout the years (Bush Jr. and Stine, 1994; Bush Jr. and Wu, 1998; Nijhawan, 1998; 

Benayoune et al., 2008; Mohamad and Mahdi, 2011; Samsuddin and Mohamad, 2012). Bush Jr. 

and Stine (1994) showed that a steel truss system could increase the shear stiffness of a panel by 

70% compared to that of a bent wire connector.  

 In order to avoid the thermal bridge effect of steel and concrete shear transfer methods, 

researchers shifted their focus to FRP shear connector systems. Wade et al. (1988), Einea (1992), 

and Salmon et al. (1997) were among the first researchers to propose GFRP connector systems 

for concrete sandwich panels. Einea (1992) proposed several different GFRP shear connection 

configurations including wide flange, dogbone, diagonal strap, and fabricated bar connectors, as 

shown in Figure 2-10 (Einea et al., 1994). Salmon et al. (1997) introduced a GFRP truss system 

and compared it to conventional steel truss connectors, concluding that GFRP system generated 

84% composite action compared to 88% for a similar steel truss. Maximos et al. (2007), Morcous 

et al. (2010), Hyun-Do et al. (2012) and Henin et al. (2014) have also studied the behaviour of 

GFRP truss connectors in concrete sandwich panels.  
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One of the most widely-researched shear connection systems in recent years has been the 

FRP shear grid. Soriano and Rizkalla (2013) and Kim (2015) examined the use of GFRP shear 

grids in sandwich panels with the latter stating that the GFRP grid produced favourable degrees 

of composite action resulting in increased flexural strength. The behaviour of high strength 

CFRP shear grids systems has been investigated by Insel et al. (2006), Frankl (2008), Rizkalla et 

al. (2009), Hassan and Rizkalla (2010), Bunn (2011), Kim (2011), Sopal (2013), Soriano and 

Rizkalla (2013), Hodicky et al. (2014), and Hopkins et al. (2014). These researchers concluded 

that CFRP shear grids, shown in Figure 2-11 (Hodicky et al., 2014), produced nearly full 

composite action in addition to maintaining the thermal integrity of various panel systems.  

Many other novel GFRP shear connectors have been investigated in the past few years 

including the perforated GFRP plates pictured in Figure 2-12 (de Sousa et al., 2013; Lameiras et 

al., 2012a; 2012b; 2013a; 2013b). In combination with a central floating concrete stud, 

Tomlinson and Fam (2014), Woltman (2014) and Woltman et al. (2010; 2011, 2012; 2013) 

studied the behaviour of sandwich panels with discrete GFRP bar shear connectors of various 

diameters (Figure 2-13). Woltman noted that due to presence of bending, the shear strength of 

the connectors was lower than values reported by the manufacturer, and that varying the size and 

spacing of connectors had an insignificant effect on their strength. Other alternative shear 

connector methods include the GFRP shear inserts proposed by Metelli et al. (2011) and the 

segmental GFRP shear transfer system investigated by Hopkins et al. (2014). Perhaps the most 

innovative longitudinal shear connector design studied in recent years was the GFRP shell 

connector (Figure 2-14) proposed by Pantelides et al. (2008). 

Recently, basalt fibre-reinforced polymer (BFRP) shear connector systems have also 

been investigated in an attempt to produce a thermally and structurally efficient concrete 
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sandwich panel. Naito et al. (2012) assessed the strength and response of various shear 

connectors, including symmetrical diagonally oriented BFRP connectors. The BFRP connectors 

produced a higher average shear strength than several types of GFRP pin connectors that were 

also tested. Tomlinson et al. (2015) performed push-through and full-scale flexure tests on 

concrete sandwich panels with angled and horizontal discrete BFRP shear connectors. The full-

scale panels with BFRP connectors achieved 81% of the theoretical composite load compared to 

92% for a similar panel with identically oriented steel connectors. Similar to GFRP and CFRP, 

BFRP has also been integrated into a shear grid system, as studied by Hodicky et al., (2013; 

2014). Hodicky et al. (2013) utilized the BFRP shear grid in a thin-walled sandwich panel with a 

concrete strength of 110 MPa. The panel achieved 53% composite action, while the ultimate 

strength of the panel was less than that of similar panel with CFRP grid.  

 

2.4 Loading Scheme 

Depending on the application, concrete sandwich panels must resist axial and/or flexural loads. 

As loadbearing walls, sandwich panels must support their own self-weight as well as the 

superimposed dead load from other attached structural members. Additionally, the panel must 

resist lateral loads and displacements caused by wind pressure and thermal bowing. The panel 

shear demands are greatly affected by the nature of the loading scheme (Frankl, 2008). In order 

to comprehensively characterize the load-response of concrete sandwich panels, a number of 

experimental investigations have been conducted for flexural and axial loading conditions.  

 

2.4.1 Flexural Behaviour 

Einea et al. (1992) performed flexural load tests on full scale panel specimens with various FRP 

bent bar (FRPBB) shear transfer systems. The researchers concluded that the flexural capacity of 
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the system was dependent on the stiffness of the shear connection system. The proposed FRPBB 

connector systems achieved a satisfactory percentage of composite action and resisted three 

times the design load. Test results showed that under flexural loads, the connectors were 

subjected to a combination of flexure and axial compression or tension. These combined load 

effects experienced by shear connection were also noted by Maximos et al. (2007).  

Benayoune et al. (2008) investigated the flexural behaviour of concrete sandwich panels 

and noted that the crack patterns of the composite panels were comparable to those of solid slabs 

in flexure. Similar to Einea et al. (1994), Benayoune et al. also noted that the ultimate flexural 

strength and degree of composite action greatly depended on the stiffness of the shear connection 

system.  

Tomlinson and Fam (2014) summarized the flexural behaviour of a sandwich panel 

system with GFRP bar connectors and floating concrete studs. The flexural response of the panel 

was generally trilinear with the first two key points in the load-deflection plot representing the 

cracking of the concrete stud and wythes, respectively. The final point signified the failure of the 

first shear connector and, thus, the peak load. The researchers also concluded that yielding of the 

flexural reinforcement was not characterized by a change in stiffness due to low composite 

action and substantial horizontal slip. A schematic of the flexure test setup and instrumentation is 

visible in Figure 2-15 (Tomlinson and Fam, 2014). 

 

2.4.2 Axial Behaviour 

Adbelfattah (1999) tested a series of six precast concrete sandwich panels with vertical and 

inclined reinforced concrete ribs. Each of the specimens was tested under combined axial and 

lateral loading. Based on a theoretical investigation, the researcher concluded that the 
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contribution of the shear connectors to axial load resistance was very small, as the concrete 

wythes supported the majority of the axial load. 

 Benayoune et al. (2007) carried out an experimental investigation on the behaviour of 

axially-loaded precast concrete sandwich panels with continuous steel truss connectors. Six 

specimens were tested with slenderness ratios varying from 10 to 20. In all cases, failure was 

characterized by violent concrete crushing at the panel ends. The researchers concluded that the 

strength of the panels decreased nonlinearly with an increase in the slenderness ratio. Each of the 

panels behaved almost fully compositely until failure. Benayoune et al. (2006) also examined six 

eccentrically loaded concrete sandwich panels with variable slenderness ratios. Test results 

showed that cracking was caused by bending moments induced by the eccentric loadôs P-ŭ 

effects, as the panels exhibited higher horizontal deflection than their concentrically-loaded 

counterparts. Though all panels failed due to concrete crushing, separation of the concrete 

wythes was also prevalent. Similar to the concentric axial loading investigation, the loadbearing 

capacity of these eccentrically-loaded panels decreased with an increase in slenderness ratio. The 

eccentric axial load test setup and test frame is shown in Figure 2-16 (Benayoune et al., 2006). 

 

2.4.3 End Connections 

The majority of research conducted on full-scale precast concrete wall panels has involved the 

use of simple boundary conditions. These simplified support systems usually consist of 

combinations of hinges and rollers. In practice, connections with partial end fixity are much 

more common. Several researchers have investigated various panel-to-panel connections, as well 

as vertical support connections incorporating both conventional steel and FRP systems.   
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 Hofheins et al. (2002) performed tests on precast wall panels using typical welded loose-

plate connectors located in the vertical joints between panels. These tests were designed to 

mimic seismic loading conditions, as an in-plane lateral load was applied to a system of three 

hollow-core wall panels. Results of the experimental program showed that the connection could 

withstand relatively high shear forces, though the failure mechanism was brittle. The researchers 

suggested that the connection was not suitable for high seismic regions (Zones 3 and 4), but 

could be modified to achieve more ductile behaviour. McMullin (2000) and Pantelides et al. 

(2003a; 2003b) conducted experiments using a similar setup, but with CFRP sheets, while the 

latter also added adhesive anchors. Various layup orientations were bonded across the vertical 

panel-to-panel interface using epoxy resins, as shown in Figure 2-17 (Panetlides et al., 2003b). 

McMullin deemed the connection to be a viable solution for retrofitting concrete structures. 

Pantelides et al. concluded that the CFRP connection effectively transferred applied load across 

the panel-panel joint and achieved a higher capacity compared to welded steel plate edge 

connectors.   

 In terms of end connections, Pang (2002), Benayoune et al. (2004) and Carbonari et al. 

(2012) each studied concrete cast-in-situ L-connections for precast concrete sandwich panels. 

Pang tested a number of specimens with various steel anchor bar lengths in the connection area 

including a closed loop, as well as different spacing (Figure 2-18, Benayoune et al., 2004). After 

testing in both pure shear and bending, Pang concluded that the connection with the closed loop 

reinforcement had superior behaviour in terms of structural strength and ductility. However, all 

connection types were predominately brittle in pure shear. Benayoune et al. (2004) generated an 

finite element model (FEM) model that predicted Pangôs results with a high degree of accuracy 
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under both pure shear and bending forces. Carbonari et al. also tested specimens with concrete L-

connections that had closed loop reinforcement layouts.  

 Metelli and Riva (2007) and Metelli et al. (2011) investigated the use of a novel steel 

hardware system for end connection. The MT6 support system, pictured in Figure 2-19, 

consisted of multiple components: an anchor steel plate with welded inserts embedded in the 

support; a steel bracket supporting the panel; a levelling bolt to adjust the vertical position of the 

panel; and two bolts transferring the panel dead load to the support. After executing a cyclic 

loading program, the researchers determined that the support system showed adequate behaviour 

in terms of resistance and energy dissipation with limited damage to the concrete elements. Bora 

et al. (2007) developed a seismic design strategy for slotted base connections supporting 

prestressed precast concrete wall panels. Test specimens were subjected to fatigue loading in 

order to examine the behaviour of the connections, which had unique responses to shear, 

compression, and tension. The testing results matched design predictions in terms of ductility, as 

the connection was the only structural element to undergo yielding.  

 Other practical steel connections have been presented by Brown et al. (2001) and in the 

comprehensive State of the Art Precast/Prestressed Concrete Sandwich Wall Panels (PCI 

Committee, 2011). However, the effect of these real-world connections on sandwich panel 

behaviour has not been the focus of research studies. In particular, common bolted angle 

connections are of great interest, as they avoid the brittle fracture experienced by welded 

connections (Daryan et al., 2014). Additionally, bolted connections allow for quicker erection 

times and higher tolerances levels for precast panel construction (Holmes et al., 2005).  
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2.5 Fatigue Behaviour 

In practice, concrete sandwich panels are subjected to daily thermal bowing and wind loading 

cycles and, thus, their durability and fatigue performance is of great importance to researchers 

and designers. To date, however, minimal research has been conducted on the fatigue behaviour 

of concrete sandwich panels.  

 Bush Jr. and Stine (1994) conducted a single flexural fatigue test on a simply-supported 

concrete sandwich panel specimen with continuous steel truss shear connection to evaluate the 

deterioration of composite stiffness. The 8 in. [203 mm] thick panel was 4 ft. 9 in. [1.45 m] wide 

and 16 ft. [4.88 m] long with longitudinal truss connectors spaced at 24 in. [610 mm] on centre. 

The load was applied by a servo-controlled hydraulic actuator with a spreader beam to create a 

four-point bending configuration with constant shear at the panel ends. The loading protocol was 

designed to mimic daily thermal gradients with various interface shear stress ranges applied 

constantly for an assorted number of cycles, totaling approximately 68,000 altogether. The initial 

load was calculated by assuming a temperature differential of 50°F (10°C) between the two 

concrete wythes. While the initial induced shear stresses simulated a southern climate exposure, 

higher loads were later used to replicate extreme temperature differentials. Several thousand 

cycles were applied for each load range until stiffness loss diminished, after which a more 

demanding load was applied. Static tests were performed between sets of cycles in order to 

characterize stiffness changes. Test results indicated an overall reduction of 15% in initial 

stiffness after 55,000 cycles. Upon cracking, the rate of stiffness loss decreased to 4% over a 

duration of 12,500 cycles. The researchers concluded that the initial stiffness reduction prior to 

cracking was caused by deterioration of the concrete-insulation bond as evidenced by the 

increase in diagonal truss forces.  
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 Post (2006) performed direct shear fatigue tests on six elemental sandwich panel 

specimens with Delta Tie® FRP shear ties in order to determine the fatigue characteristics and in-

plane shear capacity of the ties. Three of the specimens were fabricated with tie fibres oriented in 

the direction parallel to loading (strong direction), while three others specimens had ties oriented 

perpendicular to loading (weak direction). The load was applied for 4000 cycles in three desired 

displacement increments: ±1/16 in. [1.59 mm], ±3/32 in. [2.38 mm] and ±1/8 in. [3.18 mm]. 

After the completion of 12,000 cycles, the specimen was loaded monotonically to failure. Each 

of the specimens was 24 in. [610 mm] high and 24 in. [610 mm] long. The specimens with 

parallel ties were 14 in. [356 mm] thick, while the specimens with perpendicular ties were 16 in. 

[406 mm] thick. Prior to concrete pouring, threaded coil inserts were place at the top and bottom 

of the specimens to facilitate the fastening of the panels to the testing machine. Displacement 

transducers were used to measure the in-plane displacement, while axial strain gages were 

attached to the Delta Ties to measure stress distributions for four of the six specimens. The 

results of the fatigue tests were somewhat inconclusive because the Delta Ties appeared to 

undergo some degree of fracture or failure during the first cycle of each test. This fracture 

drastically reduced the capacity of the Delta Ties for subsequent load cycles. Nonetheless, the 

parallel ties were able to provide some mechanical anchorage normal to the loading direction. 

The maximum in-plane capacity of the Delta Tie was approximately 3300 lbs [14.7 kN] or 0.043 

in. [1.09 mm] of displacement for ties oriented in the parallel direction. Comparatively, the 

perpendicular Delta Tie achieved 3000 lbs [13.3 kN] or 0.027 in. [0.69 mm] of displacement. 

 Frankl (2008) and Frankl et al. (2008; 2011) examined the out-of-plane fatigue 

performance of prestressed concrete sandwich panels reinforced with CFRP shear grid. The 

experimental program consisted of six precast concrete sandwich panels that were 8 in. [203 
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mm] thick and 20 ft. [6.10 m] tall by 12 ft. [3.66 m] wide. Several parameters were studied, 

including the type of core insulation, wythe and core thickness, quantity of CFRP shear grids, 

and use of solid concrete zones. As shown in Figure 2-20, each panel was tested vertically in a 

steel frame and subjected to gravity loads, as well as reverse-cyclic lateral loading that simulated 

the 50 year service life of the structure (Frankl et al., 2011). The lateral wind loading sequence, 

which ultimately simulated a design wind speed of 120 mph [193 kph], was chosen in 

accordance to ASCE 7-02 and assumed to act equally in both pressure and suction. Various 

levels of the critical design wind load were applied at a frequency of 10 Hz for a predetermined 

number of cycles before the panel was eventually loaded to failure after approximately 4000 total 

cycles. The fatigue protocol was determined with the aid of a Rayleigh distribution, which 

modelled the probability of occurrence for the given wind speeds. The panels were supported 

vertically by a pure hinge supporting system, while a roller was used at the top to complement 

the lower hinge. Test results demonstrated that an increase in relative wythe thickness or shear 

grid quantity led to an increase in stiffness and a reduction in degradation behaviour. Due to 

improved bond characteristics, EPS-insulated panels exhibited a higher ultimate load capacity 

compared to panels with XPS insulation. The presence of insufficient shear transfer resulted in a 

low percentage of composite action and premature flexural failure due to shear grid rupture. 

Failure of the concrete typically occurred at the top of the panel near the corbel, while failure of 

the adequately reinforced panels was characterized by simultaneous flexure-shear cracking and 

wythe separation. 

 Li and Ren (2011) conducted a quasi-static test study on a concrete sandwich structure in 

order to determine panel performance under simulated seismic loading conditions. A 1:2.8 scale 

model of a three storey sandwich panel wall system was constructed and subjected to a reverse-
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cyclic loading regimen. The three storeys of 1 m high walls were attached to a foundation, which 

was secured to the floor using large anchor bolts. Service openings were also incorporated into 

each storey, while a steel tube was attached to the top storey and then connected to a hydraulic 

jack, which applied lateral load to the system. Each of the specimens was reinforced with cold 

drawn steel wire spaced at 50 mm longitudinally and transversely. In the first loading cycle, a 

load of ±20 kN was applied. The load was raised by 20 kN in each subsequent cycle up to a load 

of ±280 kN, after which the load was applied in displacement control. The experimental 

hysteresis curve displayed considerable energy dissipation. An FEM model was generated and 

produced results similar to that of the experimental program. The experimental yield and 

ultimate loads were 290 and 342 kN, respectively, while the FEM yield and ultimate loads were 

323 and 358 kN, respectively.  

 The previous studies above demonstrate the need for fatigue testing of concrete sandwich 

panels, and a growing desire to incorporate FRP into the panel structure. Frankl (2008) showed 

that under combined axial and lateral cyclic loading, a novel sandwich panel with adequate 

wythe thickness and quantities of CFRP shear grid exhibited acceptable fatigue degradation. 

Research performed by Li and Ren showed that a sandwich panel wall system was capable of 

exhibiting desirable energy dissipation qualities. However, these experimental studies only 

covered a limited number of cycles. Over the course of hundreds of thousands of loading cycles, 

a wall panel specimen may experience failure or significant degradation at a load much less than 

the ultimate static strength. Additionally, in radiant heated floor or roof applications, a sandwich 

panel may be subjected to large repeated flexural live loads. 
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Figure 2-1: Three-wythe concrete sandwich panel cross-section (Lee and Pessiki, 2008).  
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Figure 2-2: Sandwich panel cross-section with CFRP shear grid and reduced shear transfer distance 

(Frankl et al., 2011; Gleich, 2007).  
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Figure 2-3: Novel sandwich panel cross-section with floating concrete stud and GFRP bars (Tomlinson 

and Fam, 2014).  
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Figure 2-4: Thermal resistance of sandwich panel vs. connector penetration area (Sauter, 1991).  
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Figure 2-5: Thermal mass effects for various wall systems (a) and sandwich panels (b) (PCI Industry 

Handbook Committee, 2010).  

(a) (b) 
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Figure 2-6: Cross-sectional strain distribution for various degrees of composite action (Benayoune et al., 

2004).  



 

32 

 

 

Figure 2-7: Magnitude of horizontal slip for various degrees of composite action (Metelli et al., 2011).  
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Figure 2-8: Typical one-way shear connectors (PCI Committee, 2011).  
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Figure 2-9: Typical non-composite shear connectors (PCI Committee, 2011).  
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Figure 2-10: Innovative shear connection systems (Einea et al., 1994). 
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Figure 2-11: CFRP shear grid (Hodicky et al., 2014).  
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Figure 2-12: Perforated GFRP plates used for shear transfer (Lameiras et al., 2012a).  
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Figure 2-13: Discrete GFRP bar shear connectors of various diameters (Woltman et al., 2012).  
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Figure 2-14: GFRP shell connectors with foam cores (Pantelides et al., 2008).  
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Figure 2-15: Flexural test setup and instrumentation (Tomlinson and Fam, 2014).  
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Figure 2-16: Axial load test setup and test frame (Benayoune et al., 2006).  
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Figure 2-17: Typical setup for in-plane test of precast concrete wall assembly with CFRP sheets for edge 

connection (Pantelides et al., 2003b).  
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Figure 2-18: Connection reinforcement details for cast in-situ connections studied by Pang (Benayoune 

et al., 2004).  
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Figure 2-19: MT6 support system (Metelli and Riva, 2007).  



 

45 

 

 

Figure 2-20: Test setup for combined gravity and lateral load fatigue test (Frankl et al., 2011). 
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Chapter 3: Precast Concrete Sandwich Panels with Bolted Angle Connections 

Tested in Flexure under Simulated Wind Pressure and Suction1 

3.1 Introduction  

A growing emphasis on energy efficiency in the erection and operation of buildings has resulted 

in a trend towards developing new construction techniques and improving current methods. 

Integrally insulated concrete wall panels have been in use for roughly 50 years and represent a 

feasible solution to energy efficient construction. These precast ñsandwichò panels are typically 

composed of two concrete layers separated by an insulating layer of rigid foam (PCI Committee, 

1997). In addition to providing a wide range of R-values, the insulating foam also transfers a 

portion of shear forces between concrete layers (CPCI, 2012). The structural efficiency of a 

sandwich panel is ultimately governed by the degree to which shear is transferred between 

wythes (PCI Committee, 2011). Many shear transfer methods have been proposed and 

investigated in the past two decades in an attempt to achieve maximum composite action 

between wythes, while maintaining thermal efficiency. Though full composite action is ideal 

with regard to structural performance, partial composite action with incomplete shear transfer is 

the reality (Frankl, 2011). In terms of shear connection mechanisms, steel connectors are the 

conventional choice due to affordability and ease of access. However, fibre-reinforced polymers 

(FRPs) have become the focus of new research in the area of shear connection. An advantage of 

using certain FRPs is their increased tensile strength relative to steel, as well as reduced thermal 

bridging between wythes. Though steel is a mechanically adequate connector material, thermal 

                                                      

1 This chapter has been submitted as the following journal paper: Teixeira, N., Tomlinson, D.G. and Fam, A. (2015) 

ñPrecast Concrete Sandwich Panels with Bolted Angle Connections Tested in Flexure under Simulated Wind 

Pressure and Suction,ò PCI Journal, under review. 
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bridging induced by steel connectors diminishes a panelôs thermal efficiency. The thermal 

bridging effect can reduce the thermal performance by up to 40% (McCall, 1985). 

In the past decade, several glass-FRP (GFRP) and carbon-FRP (CFRP) shear connectors 

have been proposed including a widely-researched shear grid system (Soriano and Rizkalla, 

2013; Frankl, 2008). Recently, basalt-FRP (BFRP) shear connectors have been investigated in an 

attempt to capitalize on the materialôs thermal benefits and tensile capacity. Naito et al. (2012) 

assessed the strength and response of various shear connectors, including symmetrical 

diagonally-oriented BFRP connectors. Tomlinson et al. (2015) performed push-through and full-

scale flexure tests on concrete sandwich panels with angled and horizontal discrete BFRP 

connectors.  

Much of the research conducted on full-scale sandwich panels and precast wall systems 

in general has involved the use of simple boundary conditions. In practice, connections with 

partial end fixity are much more common. Pang (2002), Benayoune et al. (2004) and Carbonari 

et al. (2012) have studied variations of cast-in-place concrete L-connections with open and 

closed reinforcement loops for concrete sandwich panels. Pang (2002) concluded that the L-

connections with closed loop reinforcement provided the most desirable behaviour in terms of 

structural ductility and strength. Metelli and Riva (2007) investigated the use of a novel steel 

hardware system for end connection. The researchers determined that the support system 

provided an adequate degree of energy dissipation and overall load resistance. However, these 

researchers did not explore the effect of the connection systems on the flexural behaviour of 

concrete sandwich panels.  

A widely-used connection system in the precast concrete industry that has not been 

studied in conjunction with sandwich panels is the bolted angle. Figure 3-1 shows the three main 
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applications of the bolted angle connection for sandwich panel construction. These connections 

allow for quicker erection times and higher tolerance levels for precast panel construction 

(Holmes et al., 2005). This paper aims to investigate the effect of this connection system on the 

flexural behaviour of sandwich panels in terms of strength and stiffness. Various parameters 

were investigated including direction of loading, and reinforcement/shear connection material. 

An analytical model is proposed to predict the linear and nonlinear response of panels with 

various shear transfer mechanisms and types of end fixity.  

 

3.2 Experimental Program 

3.2.1 Test Matrix  

A total of three parameters was examined in the testing program: flexural reinforcement and 

shear connector material; loading direction; and end support condition. The specimens and their 

corresponding parameters are summarized in Table 3-1. Specimens W1 and W2 contained steel 

flexural reinforcement and shear connectors while W3 contained BFRP flexural reinforcement 

and shear connectors. Panels W1 and W3 were loaded out-of-plane under four-point bending on 

the façade wythe to best simulate external wind pressure in the windward direction. Conversely, 

W2 was loaded out-of-plane under four-point bending on the structural wythe, best simulating a 

leeward, suction pressure. It should be noted that due to testing machinery limitations, exact 

suction (a load pulling the façade wythe away from the structural wythe perpendicularly) could 

not be simulated. Specimens W1 to W3 were all supported by bolted angle connections to 

simulate practical end conditions. Also shown in Table 3-1 are specimens L1 to L3, which are 

counterparts that are similar to W1 to W3, respectively, except that they were supported by 

rollers during testing (Tomlinson and Fam, 2015). 
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3.2.2 Panel Description 

Figure 3-2 depicts the panelsô cross-sections and dimensions. Specimens W1 through W3 were 

600 mm wide, 2700 mm long, with a depth of 270 mm. Each of the specimens had two 60 mm 

thick façade and structural wythes that encapsulated a 150 mm rigid sheet of expanded 

polystyrene (EPS). The structural wythe was designed as a tee-section with a 90 mm high web to 

reduce the shear transfer distance of the connectors through the insulation to 60 mm, while 

avoiding a thermal bridge of concrete. A thickened concrete header and footer reinforced with 4-

10M bars were integrated with the structural wythe to facilitate loading and bearing in practice. 

Designed according to ACI 318-15, the wythes of specimens W1 and W2 were reinforced with a 

custom-welded wire mesh of 6.2 mm deformed bars (D5) spaced at 200 mm, with a total of three 

bars in W1 and W2. An additional 8.1 mm deformed steel bar (D8) was placed within the web, 

as well as in the structural wythe beneath the web for added flexural resistance. For W3, 6 mm 

BFRP reinforcing bars were used to form a 200 mm x 200 mm mesh, constructed using plastic 

zip ties. Also, two additional 8 mm BFRP bars were used, one in the web and one in the flange 

as in W1 and W2. Pairs of shear connectors were spaced longitudinally at 600 mm along the 

panel length. One leg of each shear connector pair was perpendicular to the wythe plane, while 

the other was inclined at a 45° angle to the horizontal pointing away from the end of the panel. 

Orienting the angled legs in this manner produced a tensile force along the length of the 

connector when the panel was loaded in pressure, and a compressive force when the panel was 

loaded in suction. For panels W1 and W2, D5 steel was used for shear connectors, while 6 mm 

BFRP was specified for W3. The BFRP connectors were cut from a rectangular spiral typically 

used for stirrups or column ties.  Specimens L1 through L3 were identical to W1 to W3, 
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respectively, except they were 1200 mm wide, essentially double the width of W1 to W3 and 

each had two concrete webs (Figure 3-2(b)).   

Two 19 mm diameter nylon threaded inserts were placed within the header and footer at 

the ends of the W1 to W3 panels to facilitate attachment of bolted connections to the structural 

wythe. As shown in Figure 3-2(a), these inserts were 50 mm from the ends of the panel and 100 

mm apart centered upon the longitudinal midline of the panel. A 13 mm steel plate was used to 

encapsulate the threaded inserts, thereby maintaining proper embedment and spacing during 

concrete placement. 

 

3.2.3 Fabrication 

Sandwich panel construction began with the assembly of the reinforcing cage, as shown in 

Figure 3-3(a). The web reinforcement was positioned inside the EPS sheet and held in place by 

circular chairs. The façade mesh was placed on chairs, which were then attached to the EPS 

using large wire staples. The assembly was then gently flipped over and the structural wythe 

mesh was attached to the EPS. The header reinforcement and threaded inserts were installed 

before the EPS and reinforcement assemblage was positioned inside of the vertical forms 

(specimens W1, W2, L1 and L2). Concrete was then poured incrementally into each wythe space 

to maintain equal pressure (not shown in figure). Specimens W3 and L3 were constructed at a 

later date and poured horizontally (Figure 3-3(b)). Under this configuration, the façade wythe 

was poured initially followed by the insertion of the EPS and reinforcement assemblage prior to 

the placement of structural wythe concrete. After a 24 hour curing period, the panels were 

removed from the forms. 

  



 

51 

 

3.2.4 Materials 

The concrete used in this test program was a self-consolidating mix with 60 MPa design strength. 

The steel D5 bar used for the reinforcing mesh and shear connectors had a cross-sectional area of 

30.3 mm2, elastic modulus of 196 GPa, yield strength of 485 MPa, and ultimate strength of 650 

MPa. Similarly, the D8 bar had a cross-sectional area of 50.6 mm2, with identical properties as 

the D5 bar. The 6 and 8 mm BFRP bars had cross-sectional areas of 28.3 and 59.0 mm2, 

respectively, as determined by immersion tests. In tension, the BFRP had an elastic modulus of 

70 GPa and guaranteed ultimate strength of 1100 MPa. A comparison of stress-strain curves for 

the depicted reinforcing materials is shown in Figure 3-4. The insulating layer was comprised of 

20 kg/m3 graphite-infused expanded polystyrene (EPS), which was pre-cut to the desired shape 

and dimensions. Four 19 mm diameter hot-dipped ASTM A325 bolts with a tensile strength of 

621 MPa and shear strength of 414 MPa were used for each connection. The bolts were secured 

through 200 mm wide 127 x 127 x 13 mm mild structural steel angles with a grade of 350W. The 

non-shrink grout used in the assembly of the test setup (discussed next) had one- and three-day 

compressive strengths of 26 and 42 MPa, respectively.  

 

3.2.5 Test Setup and Instrumentation 

A specially designed setup was used to accurately simulate the field condition of a sandwich wall 

spanning between two floors with a bolted angle connection to each floor (Figure 3-1). 

Reinforced concrete support blocks simulating the floor slabs were used (Figure 3-5(a and b)). 

The two blocks were tied together at the base using threaded rods to restrain any horizontal 

displacement. Each block consisted of two components, a reusable base section, and a top 

section that was anchored to the base section using 19 mm high strength threaded rods, and could 

be replaced if damaged during a test. The sandwich panels were connected to the top section of 
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the supports using the bolted angle connections such that only the structural wythe had direct 

bearing against the block as in practice (Figure 3-1). The angles were attached to the panel, while 

laid horizontally, at each end using bolts such that the vertical leg of each angle was offset from 

the end of the panel by 6 mm. This gap is filled with grout at a later stage at the interface 

between the structural wythe and the support block, as in practice between the panel and floor 

slab. The panel was then lowered in position between the end blocks and the vertical legs of the 

angles were connected with bolts fastened into pre-existing threaded steel inserts inside the upper 

support block. Then, the 6 mm gap between support blocks and ends of the structural wythe was 

grouted.  Unlike W1 and W3, specimen W2 was tested with the panel flipped over and the bolted 

angle connection on the top concrete surface, as shown in Figure 3-5(b). Panels L1 to L3 were 

simply supported by rollers at each end producing a resultant span of 2630 mm and constant 

shear zones of 1040 mm, as shown in Figure 3-5(c). 

Each of the test specimens was loaded in four point bending using spreader beams to 

create a constant moment zone of 550 mm at midspan. The panels were loaded in stroke control 

at a rate of 2 mm/min using a 223 kN hydraulic actuator. Each specimen was outfitted with five 

100 mm linear potentiometers (LPs) to measure deflection beneath the panel along the span 

length. In order to evaluate the effect of the bolted angle connections, a combination of three LPs 

was used at each end of W1 through W3 to measure end rotations. During fabrication, 5 mm 120 

ɋ uniaxial strain gages were attached to the reinforcing bars at midspan in the fa­ade and 

structural wythes, as well as the web reinforcement. Prior to testing, two 50 mm 120 ɋ uniaxial 

concrete strain gages were adhered to the top concrete surface. Each specimen was also equipped 

with four 100 mm pi-gages along the depth of the midspan section to measure strain distribution. 

Supplementary photos of the instrumentation and test layout can be seen in Appendix D. 
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Additionally, Digital Image Correlation (DIC) was employed to measure horizontal slip and end 

rotation. Sequential images were taken from two stationary 18 megapixel cameras at each panel 

end to determine the horizontal and vertical translation of textured surfaces between successive 

images. Details of DIC post-processing are shown in Appendix B.  

 

3.3 Experimental Results 

This section discusses the experimental results in terms of load-deflection, load-end slip, load-

end rotation and load-strain responses, strain distribution, and failure modes. Various parameters 

affecting structural behaviour are examined. The experimental load responses do not include the 

self-weight of the the panels, which is equivalent to an applied load of 2.75 kN. Additionally, the 

load values for the responses of counterpart specimens L1 to L3 supported by rollers were 

divided in half as the cross-section was twice as wide as those of W1 to W3.  

Figure 3-6 illustrates the load-deflection responses at midspan, while the deflection along 

the span at various load levels is shown in Appendix A. All responses are characterized by high 

initital stiffness followed by cracking and reduced stiffness prior to the peak load and onset of 

failure. The flexural cracking and peak loads are summarized in Table 3-2. The onset of flexural 

cracking varied between panels as a result of support conditions, foam-concrete bond strength, 

and preexisting shrinkage cracks. Specimens W1 and L1 (simulating wind pressure) which had 

identical characteristics other than support conditions, displayed similar behaviour during testing. 

Yielding of structural wythe reinforcement was followed by yielding of the web reinforcement. 

The load continued to increase marginally as the façade reinforcement underwent tension and the 

structural reinforcement entered the strain hardening phase. Soon thereafter, the load peaked as 

the bottom layer of reinforcement necked, followed by rupture and a sudden drop in load. A 
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similar series of events occurred in specimens W2 and L2 (simulating wind suction), though the 

less-reinforced bottom (façade) reinforcement had a lower tensile resistance leading to lower 

ultimate loads compared to W1 and L1, respectively. The foam-concrete bond for specimens W3 

and L3 (simulating wind pressure and reinforced by BFRP) were noticeably weaker than other 

specimens because of the horizontal casting. Following cracking and a reduction in stiffness, the 

BFRP shear connectors underwent considerable shear deformation and eventually ruptured, 

lowering the degree of composite action between wythes. Following rupture of the connectors, 

the concrete web crushed near midspan. The longitudinal BFRP reinforcement remained intact.  

Figure 3-7 depicts the load-end rotation behaviour at each end support of the panels. Data 

for L2 was not available and rotation was measured at one end only of L1 and L3. As rotation 

and deflection are related through curvature, the shapes of the load-end rotation curves were 

similar to those of the corresponding load-deflection plots.  

Figure 3-8 shows the load-end slip responses at both ends of each test panel in this study, 

while the total slip at peak load is presented in Table 3-2. Specimens W1 and W2 experienced 

comparable slips, however, W3 exhibited significantly more slip as a result of poor foam-

concrete adhesion. Consequently, the majority of the shear transfer demand shifted to the shear 

connectors.  

Figure 3-9 shows the load-strain responses of the three panels, while Figure 3-10 

provides the strain distribution across the depth of each panel during various stages of loading. 

Flexural cracking was evidenced by horizontal translations in the tensile reinforcement load-

strain curves. The strain in the extreme top concrete fibre followed a similar trajectory for each 

of the test panels, and underwent relatively low levels of compression. Specimen W3 was the 

only panel to experience concrete crushing but in the web, as verified by the strain reaching 
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approximately -3500 ɛŮ at the level of the BFRP web reinforcement (Figure 3-9(c)). The 

presence of two distinct neutral axes in the same panel is shown in Figure 3-10. Following 

cracking, the depths of the compressive zones were rather small due to the low reinforcement 

ratio. As panels W1 and W3 reached their ultimate loads, the flanges of the structural wythes 

were fully cracked as shown by positive strain values at the top and bottom of the flanges (Figure 

3-10(a and c)). The façade wythe of W2 also experienced complete cracking as illustrated in 

Figure 3-10(b). Figure 3-10(a) shows comparatively low strain values within the structural wythe 

of W1 as the pi-gages did not intercept any flexural cracks. 

 

3.3.1 Effect of Support Condition 

This parameter can be assessed by comparing specimens W1 to W3 with angle connections, to 

their L1 to L3 counterparts supported by rollers. As shown in Figures 3-6 and 3-7, the addition of 

bolted angles provided partial fixity at supports, which led to greater stiffness and less rotations 

at the same loads and also higher peak loads (Table 3-2). With the introduction of negative 

moment at the supports, the structural demand in the constant moment zone was reduced leading 

to a higher overall structural capacity. Though this effect was evident in steel-reinforced 

specimens W1 and W2, it was less pronounced in the BFRP-reinforced W3. This may be 

attributed to the significantly lower composite action of W3.  

 

3.3.2 Effect of Loading Direction 

Figure 3-6 also highlights the effect of loading direction as evidenced by the peak load disparity 

between specimens W1 and W2. Following cracking of concrete, both specimens exhibited a 

similar load-deflection response prior to the failure of W2. Panel W1 was inherently stronger 

than W2 due to the higher reinforcement ratio in the region of highest tensile demand. Despite 
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the diagonal shear connector legs undergoing compression rather than tension due to W3ôs 

suction configuration, the overall panel stiffness was unaffected. Similar conclusions are drawn 

by comparing reference panels L1 and L2.  

 

3.3.3 Effect of Flexural Reinforcement and Shear Connector Material 

This parameter can be assessed by comparing panels W1 and W3, which were both tested in a 

pressure configuration having similar reinforcement ratios. Unfortunately the different 

orientation during casting of both panels led to a weaker insulation-concrete bond in W3 than 

W1, which was not intended.  As shown in Figure 3-6, the stiffness of the load-deflection 

response and peak load of W3 were significantly lower than those of W1. The reduced stiffness 

was expected, as the elastic modulus of BFRP (70 GPa) was 2.8 times less than that of the 

deformed steel bar (196 MPa) and also the insulation-concrete bond was somewhat weaker. 

Similar conclusions are drawn when comparing L1 to L3. 

 

3.3.4 Failure Modes 

The various primary failure modes for each panel are outlined in Table 3-2. Figure 3-11 

illustrates each failure mechanism, as well as other test observations. Given that failure mode 

was governed by flexural tension in W1 and W2 and rupture of connectors in W3, the small 

variations in concrete strengths (Table 3-1) among the test panels and their reference 

counterparts had an insignificant effect on ultimate loads. Figure 3-11(a and b) shows the 

flexural cracking and longitudinal steel rupture after excessive yielding, respectively, in 

pressure-loaded specimen W1. Suction-loaded specimen W2 failed very similarly to W1. Figure 

3-11(c) shows the rupture of BFRP shear connectors in pressure-loaded W3, which was followed 

by concrete web crushing (Figure 3-11(d)). Figure 3-11(e) shows the permanently deformed 

bolted angle at support after failure of pressure-loaded specimens W1 and W3, suggesting 
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yielding of the angle. Figure 3-11(f) shows the angle support region in suction-loaded specimen 

W2, where surface cracks at the ends are evidence of some negative moment near the support. 

Additional photos of failure modes and test observations can be seen in Appendix D. 

 

3.4 Analytical Model 

A model is developed to predict the flexural response of partially composite concrete sandwich 

panels with semi-rigid support conditions. An iterative process is developed using a global 

SAP2000 structural model of the system, including discrete bond-slip link elements to capture 

the partial composite action, and non-linear cracked-section analysis to develop the moment-

curvature responses of the wythes for the purpose of identifying flexural stiffness and flexural 

failure events.   

 

3.4.1 SAP2000 Model 

Figure 3-12 shows the actual configuration and idealized model layout of the sandwich panel. 

The two-dimensional model (Figure 3-12(b)) is created using SAP2000 (CSI, 2011) and is 

comprised of various components. Frame elements with equivalent square cross-sections were 

used to represent the façade and structural wythes, along with maintaining the same distance 

between their respective centroids (see the cross-section in Figure 3-12(a)). Frame elements use a 

general, three-dimensional, beam-column formulation which includes the effects of bending, 

torsion, and axial and shear deformation (CSI, 2011). The remainder of the components are 

primarily comprised of one-joint and two-joint link elements to define the force-deformation 

relationships. Each of these link elements is assumed to be composed of six separate ñsprings,ò 

one for each of the six deformational degrees of freedom (CSI, 2011). The semi-rigid bolted 

angle supports were modelled using hinged joint restraints overlaid with one-joint links assigned 
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to apply rotational stiffness, Ke,i in NĀmm/rad, about the local 3 axis (R3). The rigid foam was 

modelled using two-joint links closely spaced at 30 mm increments horizontally along the span. 

The rigid foam link is fixed vertically (direction U1) to ensure the individual wythe beam 

elements deflect equally. The other five degrees of freedom for this link (U2, U3, R1, R2 and 

R3) have an assigned stiffness value of zero. The shear transfer mechanism is composed of two 

types of link elements, as shown in Figure 3-12(b). Two rigid arms, 30 mm and 110 mm long, 

respectively (two-joint link elements) are employed to traverse the distance between the 

insulation-concrete interface and the centroid of each respective wythe. As these members are 

solid concrete in actuality, they are modelled with six fixed degrees of freedom to ensure 

deformation occurs only within the actual shear connector link that spans the 60 mm distance 

between the two rigid arms (Figure 3-12(b)). The shear connector link is assigned stiffness in the 

U2 direction, representing the shear stiffness, Kc,i in N/mm, of the connection system (details of 

this stiffness are provided later). Similar to the rigid foam link, the shear connector link is also 

fixed vertically (direction U1). The other four degrees of freedom for this link (U3, R1, R2 and 

R3) have zero assigned stiffness. Loads are applied to the upper wythe element on either side of 

midspan creating a constant moment zone of 550 mm, identical to that of the experimental 

procedure. The total slip from the SAP2000 model is determined using the horizontal translation 

of the end nodes of the rigid link elements modelling the insulation-concrete interface. Figure 3-

13 shows the definition of total slip for a panel end. The total slip is the slip of Node 1 coupled 

with the projected slip of Node 2 at the level of Node 1 or vice versa. To model a theoretically 

fully non-composite panel, the U2 stiffness of the shear connector link is set to zero. A fully 

composite panel is modelled as a single wythe beam element with rotational one-joint links for 

the semi-rigid supports (Figure 3-12(c)), without shear connectors or rigid foam link elements. 
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The development of the SAP2000 layout and Microsoft Excel model interface are shown in 

Appendix C. 

 

3.4.2 Moment-Curvature Responses 

Using the wythe dimensions, reinforcement details, and material properties described earlier, the 

moment-curvature responses of façade and structural wythes at midspan are established using the 

computer program Response-2000 (Bentz and Collins, 2000). For a given curvature, a secant is 

drawn from zero to the corresponding moment on the moment-curvature plot, as illustrated in 

Figure 3-14(a). The slope of the secant is the stiffness, EIi in NĀmm
2, of the wythe for that 

particular curvature. Assuming an arbitrary modulus of elasticity, Ei in MPa, and a square cross-

section, the dimensions of the idealized wythe can be determined using the moment of inertia, Ii, 

and entered into the SAP2000 model for the cord members. The midspan stiffness of each wythe 

element is assumed to be constant along the panel length prior to and following cracking.  

 

3.4.3 Shear Connection Model 

The stiffness of the specified shear connector system is determined using the experimental data 

from push-through tests (Tomlinson et al. 2015) on identical connector layouts. A schematic of 

the push-through specimen is shown in Figure 3-15(a). The load-slip relationship is equivalent to 

that of a linear spring system with a stiffness, Kc,i, as illustrated in Figure 3-15(b). The linear 

spring in actuality is a shear spring, as the top wythe translates longitudinally relative to the 

bottom wythe (Figure 3-15(c)). For a given slip, ŭi, the stiffness, Kc,i, is the slope of a secant 

drawn from zero to the corresponding force, Fc,i, as shown in Figure 3-14(b). A simplified 

bilinear curve was fit to the experimental load-slip data (Figure 3-15(d)).  
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3.4.4 Moment-Rotation Models 

Unique moment-rotation relationships for the bolted angle connections have been developed for 

both the pressure and suction loading configurations. The analysis of the pressure configuration 

(Figure 3-16) assumes an L-shape cantilever mechanism for the angle with the fixed end located 

at the centerline of the bolt in the vertical leg (Figure 3-16(a)).  The reaction force from panel 

self-weight and applied loading is approximated as a distributed load across the horizontal angle 

leg. The development of the rotation geometry and resultant total rotation, ɗc, is given in Figure 

3-16(a). The individual rotations are determined by integrating the curvature distribution on each 

leg, which is inferred using the moment distribution and inherent moment-curvature relationship 

for the angle cross-section (Figure 3-16(b)). The resulting moment-rotation relationship closely 

follows that of the moment-curvature plot with the curve ultimately levelling off at the plastic 

moment, Mp, asymptote (Figure 3-14(c)). For a given end rotation, ɗe,i, the stiffness, Ke,i, is the 

slope of a secant drawn from zero to the corresponding moment, Me,i. 

The analysis of the suction configuration also assumes a cantilever mechanism for the 

angle with the fixed end located at the centerline of the bolt in the vertical leg (Figure 3-17). 

However, the resultant rotation of the system occurs about a pivot point at the interface of the 

grout and the lower corner of the thickened panel header, as shown in Figure 3-17(a). The 

rotation of the panel is triggered by the horizontal force, Fa, which causes free-end deflection of 

the vertical cantilever leg. As the height of the header is constant, the rotation of the system, ɗd, 

is a function of the free-end angle deflection, ȹa and depth of the wythe, h (Figure 3-17(a)). 

Similar to the pressure moment-rotation model, the deflection of the cantilever free-end is 

determined by double integrating the curvature distribution (Figure 3-17(b)). A moment-rotation 

curve is then produced.  
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3.4.5 Procedure of Analysis 

To obtain the load-deflection, load-end slip, and load-end rotation responses of partially 

composite sandwich panels, the procedure can be summarized in the following steps, in relation 

to Figure 3-18: 

1. Specify the desired wythe dimensions, reinforcement details and material properties in 

Response-2000 to obtain the moment-curvature response for each individual wythe. 

2. For a given applied load, assume a value for midspan deflection, ȹ. 

3. Using the estimated deflection Ў, calculate a corresponding curvature, űw,i, using Eq. 3-1 

(Ghali et al., 2006), where end curvatures are assumed negligible compared to midspan and 

ǎ is the span length: 

Ў
Љ
ρπ• ȟ       (3-1) 

4. From the moment-curvature responses for the structural and façade wythes, determine the 

moment, Mw,i, and slope (stiffness), EIi, for each wythe corresponding to curvature űw,i 

(Figure 3-14(a)). It is assumed that both wythes always have the same curvature. 

5. Assuming an arbitrary modulus of elasticity, Ei, back-calculate the dimensions of each 

equivalent square wythe using the moment of inertia, Ii to be entered in the SAP2000 

model in step 10. 

6. Assume values for relative slip di between wythes at the locations of inner and outer shear 

connectors. 

7. From the shear connector load-slip plot, determine the slope (stiffness), Kc,i, for each 

connector corresponding to the estimated slip values di (Figure 3-14(b)), to be entered in 

the SAP2000 model in step 10.  
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8. If the panel has semi-rigid supports, assume a value for rotation at the supports e̒,i (in 

radians). 

9. From the support moment-rotation plot, determine the slope (stiffness), Ke,i, corresponding 

to the estimated support rotation e̒,i, to be entered in the SAP2000 model in step 10. If the 

support is hinged rather than semi-rigid, the stiffness is zero. 

10. Input the wythe dimensions (equivalent square), inner and outer connector stiffness and 

support stiffness into the SAP2000 model and run the analysis under the applied load 

assumed in step 2. 

11. Record the resultant midspan deflection, support rotation and relative slip between wythes 

at the location of the outer and inner shear connectors according to Figure 3-13. 

12. Calculate a new curvature using the resultant midspan deflection as well as the 

corresponding moments, stiffness and wythe dimensions for each wythe using steps 3-5. 

13. Calculate a new stiffness value for the inner and outer shear connectors corresponding to 

the SAP2000 slip outputs, as outlined in step 7.   

14. Calculate a new stiffness value for the supports corresponding to the SAP2000 rotation 

output, as outlined in step 9.   

15. Input the new wythe dimensions, outer and inner connector stiffness, and support stiffness 

into SAP2000 and rerun the analysis under the same load assumed in step 2. 

16. Repeat steps 12-15 until the deflection, inner and outer connector slip, and support rotation 

output and input values converge completely (typically to ±0.01 mm for deflection). 

17. In addition to the final output values, record the internal moment at the location of the 

support. 
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18. Proceed to the next loading level in step 2 and repeat the above process until one of the 

wythes has reached its ultimate moment resistance and corresponding curvature, or until 

the shear connection system fails. 

The model can also produce the upper and lower bounds of composite and non-composite 

panels. To obtain the fully non-composite responses, the same procedure is used but a zero 

stiffness value is assigned for the shear connection. Complete the remainder of the procedure 

until convergence of midspan deflection (to ±0.01 mm) and support rotation. Upon completion, 

record the resultant inner and outer connector slip in addition to the support moment. For a fully 

composite panel, rather than modelling two wythe elements, a single beam element is utilized to 

model the fully composite nature of the section. Under this configuration there are no shear 

connector link elements.  Complete the procedure until convergence of midspan deflection (to 

±0.01 mm) and support rotation. 

 

3.4.6 Verification of Model  

The model has been used to predict the flexural behaviour of specimens W1 to W3 and L1 to L3 

in terms of load-deflection, load-end slip, and load-end rotation. The layout and cross-sectional 

details of the specimens are given in Figures 3-2 and 3-5. For specimens W3 and L3, cast 

horizontally, with BFRP reinforcement, an additional prediction was developed to model the 

absence of concrete-insulation bond adhesion. This was accounted for in the load-slip model by 

fitting data from push-through tests (Figure 3-15(d)) with bond-breaker (Tomlinson et al. 2015). 

The predicted responses of all panels are shown in Figure 3-19. The predicted fully composite 

and non-composite response are also depicted. In general, the model predicts the partially 

composite stiffness reasonably well, but tends to underestimate the ultimate strength of steel-
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reinforced panels (i.e. on the conservative side) and overestimate end slip. For BFRP-reinforced 

panels, the prediction ignoring concrete-insulation bond shows better agreement with test results.  

There are two potential explanations for the conservative nature of the model. Firstly, the 

shear connector model developed from the push-through tests does not include the effect of the 

panel curvature in flexure (i.e. the applied push-through load acted parallel to the wythes, 

whereas the applied load in the full-scale flexural tests acted perpendicular to the panel). 

Secondly, the applied loads and reactions on the full-scale panels compressed the panel cross-

section transversely, thereby increasing the magnitude of friction at the insulation-concrete 

interface and resulting in higher shear transfer. These two notions may explain the discrepancy in 

peak load and end slip between the predicted and the experimental responses. 

 

3.4.7 Degree of Composite Action 

The degree of composite action of test panels is quantified in Table 3-2, according to the 

following relationship defined by Tomlinson et al. (2014): 

‖
ȟ    ȟ  

ȟ   ȟ  
ρππϷ     (3-2) 

 

where ə = percent composite action; Pu,exp = peak experimental load; Pu,nc = peak non-composite 

load predicted by the model; and Pu,c = peak fully composite load, also predicted by the model. 

Steel-reinforced pressure-loaded specimens W1 and L1 achieved 81-88% composite action, 

while BFRP-reinforcement pressure-loaded W3 and L3, reached only 21-29% composite action 

at peak loading. Suction-loaded steel-reinforced specimens W2 and L2 achieved 57-66% 

composite action, about 20% less than their respective counterparts tested in pressure. The effect 

of support condition on degree of composite action is insignificant, compared to loading 

direction and reinforcement type. 
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3.5 Summary 

In this study, flexural tests were performed on precast sandwich panels with various end support 

conditions, loading orientations, and reinforcement and shear connector materials. Bolted angle 

connections were used to simulate practical support conditions, while loads were applied in a 

manner to simulate windward pressure as well as suction. Panels with steel and basalt fibre-

reinforced polymer (BFRP) longitudinal reinforcement were tested and compared. Discrete steel 

and BFRP shear connectors were also used and evaluated. The bolted angle connections 

provided partial end fixity, thereby increasing the overall strength and stiffness relative to 

identical panels simply supported by rollers during testing. In all cases the bolted connections 

succeeded in developing the full strength of the sandwich panels. Panels with steel reinforcement 

failed due to rupturing of flexural reinforcement, while a panel with BFRP reinforcement failed 

due to rupturing of shear connectors and crushing of concrete in one wythe. Panels loaded in the 

direction of wind pressure achieved higher peak loads than identical panels loaded to simulate 

suction. An independent analytical model accounting for material nonlinearity, end support 

conditions and partial composite action from the shear transfer system was developed. The 

model accurately predicted flexural stiffness while the peak load was underestimated in most 

cases.   
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Table 3-1: Test matrix. 

Specimen ID 
Flexural 

Reinforcement Material 

Shear Connector 

Material 

Loading 

Direction 

Boundary Support 

Condition 

Concrete Strength, 

fôc, MPa 

W1 Steel Steel Pressure Bolted connections 69.4 

L1a Steel Steel Pressure Rollers 57.4 

W2 Steel Steel Suction Bolted connections 60.1 

L2a Steel Steel Suction Rollers 63.0 

W3 Basalt FRP Basalt FRP Pressure Bolted connections 64.8 

L3a Basalt FRP Basalt FRP Pressure Rollers 61.0 

a Tomlinson and Fam (2015) 
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Table 3-2: Summary of experimental testing results. 

Specimen 

ID 

Cracking 

Load, kN 

Peak 

Load, kN 

Midspan 

Deflection at 

Peak Load, mm 

Total End 

Slip at Peak 

Load, mm 

Average End 

Rotation at Peak 

Load, degrees 

Degree of 

Composite 

Action, % 

Failure Mode 

W1 15.86 55.43 30.55 7.19 2.12 87.5 Longitudinal steel rupture 

L1 7.79À 46.09À 44.90 7.08 2.52 81.3 Longitudinal steel rupture 

W2 17.47 44.22 19.64 1.76 0.85 66.3 Longitudinal steel rupture 

L2 5.53À 32.77À 34.40 1.87 NA 57.1 Longitudinal steel rupture 

W3 8.27 29.70 60.16 23.67 4.01 21.0 
Shear connector rupture 

and concrete crushing 

L3 6.47À 25.76À 39.16 16.43 3.61 29.4 
Shear connector rupture 

and concrete crushing 

ÀHalf-width load 
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Figure 3-1: Applications of bolted angle connections for concrete sandwich panels  
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Figure 3-2: Schematic of test specimens. Note: all dimensions in mm.  
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Figure 3-3: Fabrication process ï cage assembly (a); concrete placement and finishing (b); and handling 

of finished product (c).  
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Figure 3-4: Stress-strain curves for steel and BFRP bars.   
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Figure 3-5: Test setup and instrumentation. Note: all dimensions in mm.  
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Figure 3-6: Load-midspan deflection relationship for each test specimen.   
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Figure 3-7: Load-end rotation for all test specimens. Note: 57.3° = 1 rad.  
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Figure 3-8: Load-end slip relationship for each test specimen. 
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Figure 3-9: Load-strain relationship for each test specimen.  
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Figure 3-10: Strain distribution for each test specimen. 
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Figure 3-11: Various panel failure modes ï longitudinal crack propagation, W1 (a); rupture of 

longitudinal reinforcement, W1 (b); rupture of shear connectors, W3 (c); crushing of concrete, W3 (d); 

permanent deformation of angle, W1 (e); and cracking due to negative moment, W2 (f). 
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Figure 3-12: Actual and idealized SAP2000 model layout of panel.  



 

80 

 

 

Figure 3-13: Interpretation of relative wythe slip from SAP2000 model.  
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Figure 3-14: Critical element properties and stiffness determination.  



 

82 

 

 

Figure 3-15: Shear connector stiffness model development.  
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Figure 3-16: Moment-rotation model development for bolted angle connection in pressure configuration.  
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Figure 3-17: Moment-rotation model development for bolted angle connection in suction configuration.  
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Figure 3-18: Flow chart for analysis of partially composite panel.  
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Figure 3-19: Predicted versus experimental responses of partially composite concrete sandwich panels.  
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Chapter 4: Fatigue Behaviour of Partially Composite Insulated Concrete 

Sandwich Walls2 

4.1 Introduction  

Integrally insulated concrete ósandwichô wall panels have functioned as external loadbearing and 

architectural cladding elements for the last 50 years and represent a practical solution to energy 

efficient construction. Two outer concrete wythes (layers) and an interior layer of rigid foam 

form the typical panel cross-section (PCI Committee, 1997). The panels have numerous 

advantages over alternative wall systems including combined structural and thermal efficiency, 

quality of fabrication, ease of construction, low maintenance, fire resistance, and a wide range of 

architectural finishes (CPCI, 2011). Typically ranging from 170 to 300 mm, panel thickness is 

generally governed by structural and thermal requirements. Continuity between layers is 

maintained through the use of shear ties or connector systems. Connectors transfer in-plane shear 

forces between wythes during longitudinal bending and directly affect the overall strength and 

stiffness of the panel system (PCI Committee, 2011). The structural performance of a concrete 

sandwich panel is generally characterized in accordance with the upper and lower bounds of 

fully composite and non-composite behaviour, respectively. The majority of panels in practice 

experience considerable shear transfer and deformation, and are therefore deemed partially 

composite (Bai and Davidson, 2015). 

Due to affordability and availability, steel connector systems are very popular in industry. 

Though steel is the most widely-accepted connector material, its thermal bridging reduces 

thermal efficiency of the panel. With an increased interest in sandwich panels over the past 

                                                      

2 This chapter has been submitted as the following journal paper: Teixeira, N. and Fam, A. (2015) ñFatigue Behavior 

of Partially Composite Insulated Concrete Sandwich Walls,ò ACI Structural Journal, under review. 
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decade, manufacturers and researchers continue to seek viable shear connection alternatives 

incorporating novel materials such as fibre-reinforced polymers (FRPs) which offer reduced 

thermal bridging between wythes. Recently, basalt fibre-reinforced polymer (BFRP) shear 

connector systems have been investigated by Naito et al. (2012), Hodicky et al. (2014), and 

Tomlinson (2015). Basalt fibres have a thermal conductivity approximately 14% that of steel, 

allowing a panel to develop some composite action with minimal thermal bridging.  

Though durability and fatigue performance are of great importance to designers, minimal 

research has been conducted on the fatigue behavior of concrete sandwich panels to date. Bush 

Jr. and Stine (1994) conducted a flexural fatigue test on a simply-supported concrete sandwich 

panel with continuous steel truss shear connection to evaluate the stiffness deterioration. Test 

results indicated an overall reduction of 15% in initial stiffness after 55,000 cycles. Post (2006) 

performed direct-shear fatigue tests on six push-through specimens with FRP shear ties to 

determine the fatigue characteristics and in-plane shear capacity of the ties. The results of the 

fatigue tests were inconclusive as the ties underwent varying degrees of fracture or failure during 

the first cycle of each test. Frankl (2008) examined the out-of-plane fatigue performance of 

axially-loaded, prestressed concrete sandwich panels reinforced with carbon fibre-reinforced 

polymer (CFRP) shear grid. Test results showed that increased wythe thickness or shear grid 

quantity led to enhanced stiffness and a reduction in degradation behavior. 

These studies reflect the growing desire to incorporate FRP into the panel structure for 

thermal and durability benefits, and highlight the need for fatigue testing, though they only 

covered a very small number of cycles.   
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4.1.1 Research Significance 

Precast insulated sandwich wall panels, whether architectural for cladding or loadbearing, are 

typically subjected to thermal bowing and wind loading cycles, yet no studies are published on 

their high-cycle fatigue where the panels actually experience fatigue failure. Recently, concrete 

sandwich panels have been adapted for use in radiant heated floors and roof applications (Henin 

et al., 2014). Under this application, a sandwich panel may be subjected to large repeated 

flexural live loads. This study aims to establish the number of cycles to failure in bending, with 

and without axial compression load, with the goal of achieving at least 1M cycles. The study 

covers panels reinforced by steel or BFRP for flexure and shear connectors. Another unique 

aspect of the study is to assess the degree of ópartialô composite action and demonstrate its 

degradation over fatigue life, as reflected by progression of the relative slip between the two 

concrete wythes.  

 

4.2 Experimental Program 

4.2.1 Panel Description 

Figure 4-1 shows the panel design used in this study, which represents a single-storey two-wythe 

sandwich system. The panel is 2700 mm long and 270 mm thick. The façade wythe has a 60 mm 

thick rectangular cross-section while the structural wythe has a tee-shape cross-section with a 60 

mm thick flange and a 90 mm deep web extending into the insulation layer and in practice would 

be spaced centre-to-centre at 600 mm. The test panels are selected to be 600 mm wide, including 

one web (Figure 4-1). The bulb-shaped webs are between 50 and 70 mm thick and accommodate 

longitudinal reinforcement. The webs serve to increase the structural wythe flexural resistance 
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while reducing the unsupported length of the shear connectors through the insulation to increase 

composite action while minimizing thermal bridging. 

The panels were reinforced with either steel or BFRP bars and connectors. In steel-

reinforced panels, the façade and the flange of the structural wythe were each reinforced at mid-

thickness with a welded wire steel mesh of D5 bars spaced at 200 mm. The flange of the 

structural wythe was also reinforced at mid-thickness with an additional D8 bar bundled to the 

mesh at each flange-web junction. A single D8 bar was placed in each web, 120 mm from the 

outer face of the structural wythe. BFRP-reinforced panels had the same geometric arrangement, 

but nominal 6 mm diameter BFRP bars were used for the mesh while two nominal 8 mm BFRP 

bars were used for the web. This resulted in steel and BFRP longitudinal reinforcement ratios of 

0.47 and 0.49%, respectively, in the structural wythe and 0.26 and 0.23%, respectively, in the 

façade. As such, all walls satisfied the minimum longitudinal reinforcement ratio of 0.15% and 

transverse reinforcement ratio of 0.2% of the gross concrete area given by ACI 318-14. The 

structural wythe had 150x150 mm thickened concrete headers at either end, reinforced with 4-

10M bars, for loadbearing purposes. 

The shear connectors were spaced longitudinally at 600 mm through the web. Each set 

consisted of two L-shapes: one inserted normal to the facade and the other placed at a 45° angle 

(Figure 4-1). The connectors were laid out such that they would be in tension if the façade was 

subjected to external pressure. Steel connectors were D5 bars while BFRP connectors were cut 

into L-shapes from a 6 mm nominal diameter square spiral. Steel and BFRP connector 

reinforcement ratios, relative to surface area, were 0.019 and 0.017%, respectively. 
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4.2.2 Testing Summary 

Three parameters were examined in the testing program: (a) flexural reinforcement and shear 

connector material being steel or BFRP; (b) service load level of the cyclic loading, governed by 

deflection or stress limits; and (c) simulating both; architectural panel without axial load and 

loadbearing walls. Test matrix details are given in Table 4-1. Specimens S1 through S3 

contained steel reinforcement and connectors, while S4 contained BFRP reinforcement and 

connectors. All panels were loaded out-of-plane on the façade wythe, simulating external wind 

pressure. A moderate axial service load of 150 kN (i.e. 250 kN/m) was applied to S3 and S4 to 

simulate a single storey gravity load (19% of total axial capacity) (Tomlinson, 2015). Two tests 

were conducted on S3 and three on S4 as discussed later. 

 

4.2.3 Fabrication 

Sandwich panel construction began with the assembly of the reinforcing cage (Figure 4-2(a)). 

The web reinforcement was placed inside circular chairs within the web opening of the graphite-

infused expanded polystyrene (EPS) insulation sheet. The façade mesh was placed on chairs, 

which were then attached to the EPS. The assembly was flipped over and the structural wythe 

mesh was secured to the EPS. The header reinforcement was installed before the EPS and 

reinforcement assemblage was positioned inside of the vertical forms (specimens S1 to S3). 

Concrete was then poured incrementally into each wythe space to maintain equal pressure (not 

shown in figure). Specimen S4 was constructed at a later date and poured horizontally (Figure 4-

2(b)). Under this configuration, the façade wythe concrete was placed first followed by the 

insertion of the EPS and reinforcement assemblage prior to the placement of structural wythe 

concrete. After 24 hours the panels were removed from formwork (Figure 4-2(c)). 
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4.2.4 Materials 

The concrete mix used was self-consolidating with a spread of 600ï700 mm, maximum nominal 

aggregate size of 6 mm, and one-day stripping strength of 30 MPa. At time of testing, concrete 

strengths were 60 to 69 MPa. The steel D5 bar used for the reinforcing mesh and shear 

connectors had a cross-sectional area of 31 mm2, elastic modulus of 196 GPa, yield strength of 

485 MPa, and ultimate strength of 650 MPa (Figure 4-3). Similarly, the D8 bar had a cross-

sectional area of 51 mm2, with identical properties as the D5 bar. The 6 and 8 mm BFRP bars 

had respective cross-sectional areas of 28 and 59 mm2, as determined by immersion tests. The 

BFRP had a reported elastic modulus of 70 GPa and guaranteed ultimate strength of 1100 MPa 

(Figure 4-3). The insulating layer was comprised of 20 kg/m3 EPS, which was pre-cut to the 

desired shape and dimensions.  

 

4.2.5 Fatigue Protocol and Service Load Criteria 

The maximum amplitudes of fatigue loading were selected based on various serviceability 

criteria applied to similar panels tested monotonically to failure in flexure in previous studies by 

Tomlinson and Fam (2015) and Tomlinson (2015). The criteria are: (a) applying the most critical 

service wind loading in Canada (at Resolution Island, Nunavut, NBCC, 2011) (the corresponding 

load is 2.25 kN), (b) reaching the maximum allowable tensile stress of 0.6fy (the yield stress) in 

steel reinforcement (the corresponding load in a cracked section was 10 kN), (c) reaching the 

maximum allowable tensile stress of 0.2fu (ultimate strength) of BFRP reinforcement based on 

the creep rupture limit outlined in ACI 440.R1-06 for similar glass-FRP bars (the corresponding 

load in a cracked section was 12 kN), (d) reaching the deflection limit of span/360 (ACI 381-14) 

(the corresponding loads were 22 kN and 16 kN for steel- and BFRP-specimens, respectively). 
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Based on this criteria, a lower and upper loading amplitudes were selected, namely a stress-based 

(Pstr) of 10 kN and a deflection-based (Pdef) of 22 kN.  

As shown in Table 4-1, specimen S1 was cycled to failure at (Pdef). S2 and S3 were 

cycled at (Pstr) and survived 1M cycles. S3 was then loaded to (Pdef) and survived another 1M 

cycles. S2 and S3 were then monotonically loaded to failure. S4 was cycled to failure at (Pstr). It 

was then axially loaded and cycled again at (Pstr), completing a total of about 1M cycles. The 

load was then increased to (Pdef) and cycled again until another failure occurred.    

Figure 4-4 shows the sinusoidal wave cyclic loading regime, where a minimum load 

above zero (2-3 kN) can be seen, to ensure that the actuator maintained contact with the panel at 

all times. Cycling was performed at a frequency of 1.2 Hz. To track changes in end slip, 

stiffness, and permanent deflection, monotonic tests were performed at cycles 1, 2, 10, 50, 100, 

1000, 5000, 10,000, 50,000, 100,000 and every 100,000 cycles thereafter up to 1,000,000.  

 

4.2.6 Test Setup and Instrumentation 

The panels were simply supported by rollers at a span of 2630 mm and loaded in four-point 

bending with a constant moment zone of 550 mm (Figure 4-5). Cyclic loading was performed in 

load control using a 223 kN hydraulic actuator, whereas the periodic monotonic tests were 

conducted using stroke control at a rate of 2 mm/min. An axial load was applied at mid-depth of 

the 150 mm deep headers of panels S3 and S4 using a 1500 kN hydraulic load ram and self-

resisting steel frame system connected with 38 mm dywidag rods (Figure 4-5(b)). The ram and 

frame were placed on rollers to allow for free movement during axial and transverse loading.  

Five 100 mm linear potentiometers (LPs) were used to measure deflection along the span 

length, while a 25 mm LP was attached to each panel end to measure relative horizontal slip 
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between wythes. A 50 mm dial gage was also placed at midspan to track permanent deflection. 

During fabrication, 5 mm 120 ɋ uniaxial strain gages were attached to the reinforcing bars at 

midspan in the façade and structural wythes, as well as the web reinforcement. Prior to testing, 

two 50 mm 120 ɋ uniaxial concrete strain gages were adhered to the top concrete surface of the 

facade. A pressure transducer was used to monitor the axial load applied by the hydraulic ram. 

Supplementary photos of the instrumentation and test layout can be seen in Appendix F. 

Additionally, Digital Image Correlation (DIC) was employed to check horizontal slip during the 

application of axial loads, as well as the monotonic failure tests. Sequential images were taken 

from two stationary 18 megapixel cameras at each panel end to determine the horizontal and 

vertical translation of textured surfaces between successive images. Details of DIC post-

processing are shown in Appendix B. 

 

4.3 Experimental Results and Discussion 

This section discusses the experimental results in terms of load-deflection, load-end slip, and 

load-strain responses, as well as failure modes. Various parameters affecting structural behaviour 

are examined. The experimental responses do not include the self-weight of the panels, which 

corresponds to a sustained applied load of 2.75 kN. For reference, the experimental results of two 

static flexural tests (R1 and R2) performed by Tomlinson and Fam (2015) and Tomlinson (2015) 

are presented. Panel R1 and R2 were identical to panels S1 and S3, and R2 was subjected to the 

same axial load as S3.   

Table 4-1 shows the number of cycles sustained by each specimen and failure modes, 

while Table 4-2 shows the deflection and total end slip at the first and final recorded monotonic 

cycles. It also shows the calculated Degrees of Composite Action (DCA) which are discussed 
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later. Specimen S1 failed after 237,035 cycles under the 22 kN loading, while S2 and S3 

survived 1M cycles under the 10 kN. S3 was cycled again but under the 22 kN for another 1M 

cycles. S4 failed in tension after 70,365 cycles under the 10 kN load level. It was then axially 

loaded, despite its failure, and sustained an additional 929,635 cycles under the 10 kN as the 

axial load put the failed wythe in compression. This was followed by cycling at the 22 kN, when 

it failed again after a further 42,435 cycles.   

Figure 4-6 illustrates the load-midspan deflection hystrieses of each panel at various 

intervals of accumulated cycles. Similarely, Figure 4-7 shows the load-slip progression at both 

ends of each panel. The slip generally favoured one side to the other due to small variations in 

panel symmetry. Figure 4-8 shows the load-midspan strain progression for the top surface of the 

concrete façade (grey) and the structural wythe longitudinal reinforcement (black). In specimen 

S1 and S4, the structural wythe gages malfunctioned prior to the end of testing. Figure 4-9 shows 

the deflected shapes of the panels at various intervals during cyclic loading. The following 

sections discuss the effect of various parameters on behaviour. 

 

4.3.1 Effect of Cyclic Loading on Stiffness Degradation (SD) 

Stiffness Degradation (SD) is reflected by a gradual reduction in the slope of the response curves 

and also a steady increase in residual deflection, slip and strain. Several factors contribute to SD 

in conventional beams and slabs (e.g. micro-cracking at the material level and reinforcement 

bond to concrete). In sandwich panels, an additional factor, likely more dominant, is the 

degradation of the horizontal shear transfer mechanism between the two wythes, which directly 

relates to the degree of composite action as will be discussed later. Figure 4-10(a) shows SD 

represented as the ratio of slope (K) of the load-deflection curve at any cycle and the initial slope 

(Ko) at cycle 2. Specimens S1 and S2 experienced similar rates of SD up to about 10,000 cycles, 
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reaching about a 15% loss. S1 then started experiencing a higher rate of SD, reaching about 50% 

loss near fatigue failure, whereas S1 continued at the same steady rate, reaching about 25% loss 

at 1M cycles. Specimen S3 did not show any noticeable SD until about 10,000 cycles, followed 

by gradual then rapid reductions beyond 100,000 cycles, reaching about 17% loss at 1M cycles 

and 22% loss at 2M cycles. As the axial load had to be boosted occasionally to maintain the 150 

kN in specimen S3, data between 1M and 2M cycles in Figure 4-10(a) show some fluctuations. 

Specimen S4 did not show any noticeable SD until about 10,000 cycles, followed by a rapid 

reduction, reaching about 12% loss near fatigue failure. 

 

4.3.2 Effect of Cyclic Loading on Progression of Relative Slip between Wythes 

A reasonable indicator of degradation of the composite action is the progression of the total slip 

(ŭ) between the wythes at both ends, at any given cycle. Figure 4-10(b) shows the variations of 

the ratio (ŭ/ŭo) with cycles, where (ŭo) is the initial slip. It can be seen that up to about 100,000 

cycles, (ŭ/ŭo) increased steadily for all specimens. Then, in S1 it increased rapidly up to 210% 

near fatigue failure while S2 continued to increase steadily up to 160% at 1M cycles. In S3 (ŭ/ŭo) 

also continued to increase steadily up to 175% at 1M cycles, then rapidly up to 220% at 2M 

cycles. At fatigue failure of S4 (ŭ/ŭo) increased up to 125%. Upon axial loading of S4, there was 

a sudden jump in (ŭ/ŭo) from 125 to 350%. From this point on, fatigue loading caused an 

additional increase to 430% in (ŭ/ŭo), with a noticeable rapid increase near the second fatigue 

failure. 

 

4.3.3 Effect of Cyclic Loading on Degree of Composite Action (DCA) 

The relative wythe slip was used to assess the degree of composite action based on the fact that 

the slip of a partially composite panel at a given load (i.e. ŭexp of test panels) would fall in 
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between zero (i.e. a fully composite panel) and the slip of a fully non-composite panel (ŭnc), at 

the same load. As such, a measure of the Degree of Composite Action (DCA) (ɕ) is introduced 

here as follows: 

‒
    

 
ρππϷ    (4-1) 

This expression results in ɕ = 0 in a fully non-composite panel (ŭexp = ŭnc) and ɕ = 100% 

in a fully composite panel (ŭexp = 0). ŭnc is calculated as the difference in length between the 

elongated extreme bottom fibre of the façade wythe and the compressed extreme top fibre of the 

structural wythe. To achieve this, the moment-curvature (M-ű) and moment-strain (M-Ů) 

responses were obtained for each wythe individually based on cracked section analysis, using 

computer program Response-2000. Then, assuming curvature-compatibility of the wythes and 

moment sharing, the moments were added at each curvature, giving a total (M-ű) response. The 

moment diagram based on the applied service load is established along the span. The 

corresponding curvature distribution is then established using the total (M-ű) response. At each 

section, the extreme tension strain of the facade wythe and the extreme compression strain of the 

structural wythe are obtained using the curvature of that section and the (M-ű) and (M-Ů) 

responses of the individual wythes. The strains are then integrated along the length and added as 

displacements to give ŭnc. In non-composite panels subjected to axial loading, a top fibre 

compressive strain of the structural wythe is calculated under the eccentric axial load and 

integrated along the length to give an addition value of deferential slip to ŭnc from flexure. The 

determination of non-composite end slip is explained visually in Appendix E.  

Table 4-2 summarizes the calculated DCA (ɕ) of all panels at the first and final 

monotonic cycles. Panels S1 to S3 initially had ɕ of 80-84%, while S4 had 76%. Figure 4-10(c) 

shows the change in ɕ with fatigue cycles for all test specimens at the same service load level of 
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10 kN. By the end of testing, ɕ had reduced to values ranging from 22 to 65%, depending on 

service load level, axial load, and reinforcement type. As S4 was axially loaded after flexural 

failure and retested, its new initial ɕ was 32%, which dropped to 14% by the end of fatigue 

retesting. 

 

4.3.4 Effect of Service Load Level on Fatigue Behaviour 

This parameter can be assessed by comparing the responses of specimens S1 and S2, subjected to 

22 kN and 10 kN, respectively. Flexural cracking occurred at approximately 16 kN in cycle 1 of 

S1, as shown by the large horizontal translation in the tensile reinforcement load-strain curve 

(Figure 4-8(a)). This resulted in amplifying the subsequent SD and DCA reduction and the 

accumulation of permanent deflection and slip, ultimately contributed to panel failure after 

237,035 cycles. In contrast, S2 did not experience a major cracking event under the smaller 

service load, as small drops in load were attributed to the opening of preexisting shrinkage 

cracks. The tensile reinforcement strain in S2 (Figure 4-8(b)) is much less than the strain 

corresponding to 0.6fy that would have otherwise occurred at 10 kN if the specimen was cracked 

(as in S1 at 10 kN (Figure 4-8(a)). As a result, S2 survived 1M cycles and its SD and DCA 

reduction were less severe than S1. At fatigue failure of S1, stiffness has reduced from 100 to 

52% and DCA has reduced from 82 to 22%. At an equivalent number of cycles in S2, stiffness 

has reduced from 100 to only 76%, while DCA has reduced from 80 to only 72%. Unlike S1 and 

S2, in S3 with axial load neither service load level caused fatigue failure. 

 

4.3.5 Effect of Axial Load on Fatigue Behaviour 

A small axial service load (150 kN in this case) has a strong effect on fatigue behaviour and 

fatigue life. Specimen S3 survived 1M cycles under the 10 kN loading, then survived another 1M 
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cycles under 22 kN. Figures 4-6(c) and 4-7(c) show some deflection and slip offsets on the 

horizontal axes resulting from axial load, before cyclic loading. Similarly, Figure 4-8(c) shows 

that tensile reinforcement started from a negative strain due to axial loading, while the top 

concrete strain of the façade under the 22 kN started from a small tensile strain due to the 

eccentricity of axial load. The tensile stress in reinforcement produced by the 22 kN was 

completely offset by the preexisting compressive strain and a net-tension did not occur until 

1.001M cycles, and by 2M cycles it was only 25 microstrain. Axial loading has in fact prevented 

cracking at the 22 kN. At 1M cycles, stiffness of S3 had reduced to 85%, compared to the 74% 

of S2 at the same number of cycles and DCA had dropped from 84 to 72% compared to the drop 

from 80 to 69% in S2. In panel S4, after complete rupture of tensile reinforcement in the 

structural wythe under the 10 kN loading, applying the axial load to the óbrokenô wythe closed 

cracks and allowed it to reach 1M cycles at 10 kN then another 42,435 at 22 kN before a second 

failure of shear connectors occurred. Figure 4-6(d) shows the increased flexural stiffness of S4 

after applying the axial load (grey curves) compared to the stiffness before axial loading (black 

curves). The axial load caused the specimen to deflect upwards and cracked the top façade 

wythe. As a result, a kink can be seen in the new load-deflection curves, indicating that the top 

surface of the façade transitioned into compression at a load of about 3 kN as flexural load was 

applied, instantaneously increasing the flexural stiffness beyond the kink.  

 

4.3.6 Effect of Reinforcement and Connector Material on Fatigue Behaviour 

This parameter can be assessed by comparing specimens S2 and S4, with steel and BFRP 

reinforcement, respectively. The initial stiffness (Ko) of S2 is 8.06 kN/mm, 3.2 times higher than 

the 2.58 kN/mm of S4. Similarly, the total end slip initially (do) for S4 (0.93 mm) was more than 

two times greater than S2 (0.40 mm), leading to an initial DCA of S4 of 76% while that of S2 is 
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80%. These differences are attributed to two reasons, first; the lower elastic modulus of BFRP 

compared to steel, and second; the likely weaker concrete-insulation adhesion bond in S4 due to 

horizontal casting. Interestingly, the rate of SD was much higher for S2 with steel reinforcement 

than S4, as evident by the slope of the curves in Figure 4-10(a) up to 10,000 cycles. However, as 

indicated earlier the difference in casting position of the two specimens had an impact on the 

concrete-insulation bond. At the last monotonic cycle before failure of S4, stiffness has dropped 

to 88% while in S2 at the same number of cycles it dropped to 83%. DCA in S4 and S2 did not 

drop much, only from 76 to 69% in the last monotonic cycle before failure of S4, and from 80 to 

75% in S2 at the same number of cycles. In subsequent cycling of the failed S4 (after it was 

axially loaded) DCA started at 32% and dropped to 24% after 1M cycles. 

 

4.3.7 Monotonic Tests to Failure and Residual Capacity 

Specimens S2 and S3 withstood their respective fatigue protocols of 1M and 2M cycles, 

respectively, and were then monotonically loaded to failure in flexure. Figure 4-11 shows the 

load-midspan deflection, load-end slip, and load-strain responses for the two specimens, in 

comparison to two similar counterparts R1 (without axial load) and R2 (with a 150 kN axial 

load) tested by Tomlinson and Fam (2015) and Tomlinson (2015), respectively. The residual 

capacity of S2 did not reduce, in fact it was 12% higher than R1, which may be attributed to 

small differences in material properties, foam-concrete bond strength, preexisting shrinkage 

cracks or slight differences in test conditions. The total end slip at peak loads of S2 and R1 were 

similar, 7.8 and 7.1 mm, respectively. Also, midspan deflections at peak loads were similar, 44 

and 45 mm, respectively. The residual capacity of S3 reduced to 94% of R2, still considered an 

insignificant reduction, especially after 2M cycles. The total end slip at peak loads of S3 and R2 

were 5.6 and 7.2 mm, respectively, while midspan deflections at peak loads were 20 and 23 mm 
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respectively. The failure modes of S2 and S3 were also identical to those of their respective static 

counterparts, R1 and R2, as discussed next. 

 

4.3.8 Failure Modes 

Figure 4-12 shows the various observed failure modes. From the first cycle onwards, the strain in 

the steel reinforcing bars in the structural wythe of specimen S1 exceeded their yielding 

threshold near peak loading (Figure 4-8(a)). After 237,035 cycles, the three bars ruptured 

adjacent to the mesh weld (Figure 4-12(a)). After surviving 1M cycles, S2 was loaded statically 

and failed due to steel reinforcement rupture as S1, similar to its statically-loaded reference, R1. 

The cracking pattern of the structural wythe of S2 after failure is shown in Figure 4-12(b). 

Specimen S3 survived 2M cycles then was statically loaded where failure occurred by fracture of 

the diagonal of the outer shear connector just outside the concrete web (Figure 4-12(c)) and 

crushing of concrete web of the structural wythe at midspan (Figure 4-12(d)). This was very 

similar to failure of reference specimen, R2. It can be seen that the axial load changed the failure 

mode from a flexural one to a óhorizontalô shear failure. Specimen S4 failed at 70,365 cycles due 

to rupture of the three BFRP bars in the structural wythe while the BFRP connectors remained 

intact (Figure 4-12(e)). This failure mode differs from that of a similar panel tested by Tomlinson 

and Fam (2015), which failed by rupture of the BFRP shear connectors and crushing of the 

concrete web. After axial loading of S4, the panel sustained another 929,635 cycles at 10 kN to 

reach 1M total cycles then 42,435 additional cycles at 22 kN, when it failed by rupture of the 

diagonal connectors at the façade wythe interface and splitting of the vertical ones (Figure 4-

12(f)). In all specimens, the extreme compression concrete strain of the façade was well below 

the crushing strain (Figure 4-8). Additional photos of failure modes and test observations can be 

seen in Appendix F. 
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4.4 Summary 

Seven fatigue tests were performed on four precast insulated sandwich panels with either steel or 

basalt fibre-reinforced polymer (BFRP) flexural reinforcement and shear connectors. Cyclic 

bending was conducted at two loading amplitudes: a high (Pdef) and a low (Pstr), representing 

serviceability limits for deflection and stress, respectively; both considerably higher than the 

maximum national wind load. The effect of a moderate axial load, as in loadbearing walls, was 

examined. The panels initially had a Degree of Composite Action (DCA) of 76-84%. The 

axially-loaded steel-reinforced panel achieved 1M cycles under Pstr, then another 1M under Pdef. 

Its DCA reduced to 73 then 65%. Without axial load, 1M and 0.24M cycles were achieved under 

Pstr and Pdef, and DCA reduced to 69 and 22%, respectively. The BFRP-panel failed at 0.07M 

cycles at Pstr. Its DCA reduced from 76 to 69%. It was then axially loaded and retested 

successfully to 1M cycles. Stiffness degradations of 12-50% consistent with DCA reductions 

were observed. 
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Table 4-1: Test matrix. 

Specimen 
ID 

Reinforcement 
Material 

Test  
Axial 

Load, kN 

Flexural Load Range Number 
of Cycles 

Failure Event 
Pmin, kN Pmax, kN ȹP, kN 

S1 Steel 1 0 3.0 22.0 19.0 237,035 
Rupture of tensile bar during 

cycling 

S2 Steel 1 0 2.0 10.0 8.0 1,000,000 
Rupture of tensile bar during 
monotonic test after cycling 

S3 Steel 

1 150 2.0 10.0 8.0 1,000,000 No failure 

2 150 3.0 22.0 19.0 1,000,000 
Shear connector failure 

during monotonic test after 
cycling 

S4 BFRP 

1 0 2.0 10.0 8.0 70,365 
Rupture of tensile bar during 

cycling 

2 150 2.0 10.0 8.0 929,635 No further damage 

3 150 3.0 22.0 19.0 42,435 
Shear connector failure 

during cycling 
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Table 4-2: Summary of experimental testing results. 

Specimen 
ID 

Test  
Final 

Monotonic 
Cycle 

First Cycle at 10 kN (at 22 kN) Final Monotonic Cycle at 10 kN (at 22 kN) 

Midspan 
Deflection, 

mm 

Total End 
Slip, mm 

% 
Composite 

Action 

Midspan 
Deflection, 

mm 

Total End 
Slip, mm 

% 
Composite 

Action 

S1 1 200,000 1.62 (5.89) 0.36 (1.13) 82.2 11.35 (16.13) 1.55 (2.35) 22.2 

S2 1 1,000,000 1.50 0.40 80.0 2.92 0.62 68.8 

S3 
1 1,000,000 0.97 0.45 84.1 1.36 0.75 73.4 

2 1,000,000 1.35 (2.39) 0.74 (0.99) 73.3 2.19 (3.36) 0.98 (1.23) 65.0 

S4 

1 50,000 4.75 0.93 76.2 6.85 1.23 68.6 

2 929,635 4.11 3.22 31.9 5.11 3.60 23.8 

3 10,000 5.38 (8.03) 3.60 (4.27) 23.7 6.68 (10.27) 4.04 (5.07) 14.3 
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Figure 4-1: Schematic of test specimens. Note: all dimensions in mm.  
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Figure 4-2: Fabrication process ï cage assembly (a); concrete placement and finishing (b); and handling 

of finished product (c).  
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Figure 4-3: Stress-strain curves for steel and BFRP bars.  
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Figure 4-4: Service load levels vs. time. 
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Figure 4-5: Test setup and instrumentation. Note: all dimensions in mm.  
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Figure 4-6: Load-midspan deflection progression for each test specimen.   
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Figure 4-7: Load-end slip relationship for each test specimen.   
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Figure 4-8: Load-midspan strain progression for top concrete surface (grey) and structural wythe 

reinforcement (black).   
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Figure 4-9: Deflection along panel span at service load. 
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Figure 4-10: Degradation of normalized flexural stiffness and end slip, and percent composite action. 



 

115 

 

 

Figure 4-11: Static curves for monotonic tests to failure and reference curves from Tomlinson and Fam 

(2015) and Tomlinson (2015). 
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Figure 4-12: Various panel failure modes ï rupture of longitudinal steel reinforcement at weld, S1 (a); 

longitudinal crack propagation, S2 (b); rupture of steel shear connector, S3 (c); crushing of concrete, S3 

(d); rupture of longitudinal BFRP reinforcement, S4 (e); and rupture of BFRP shear connectors, S4 (f). 
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Chapter 5: Conclusions 

5.1 Flexural Behaviour of Precast Concrete Sandwich Panels with Bolted Angle 

Connections 

The following conclusions may be drawn from the experimental and analytical studies on 

concrete sandwich panels and the effects of support condition, loading direction, and 

reinforcement material: 

1. The bolted angle connections did not fail and succeeded in developing the full strength of 

the sandwich panels. Steel-reinforced panels failed by fracture of the flexure steel 

reinforcement whether loaded in pressure or suction. The bolted angle connection was 

generally intact, except for some yielding in the angle. BFRP-reinforced panels failed by 

fracture of the BFRP shear connectors followed by crushing of the concrete web of the 

structural wythe. 

2. Bolted angle connections contribute stiffness to the sandwich panel system and increase 

the overall structural capacity regardless of loading direction and reinforcement type by 

15-33%, compared to roller supports. The introduction of partial fixity and some negative 

moments at the ends reduces the structural demand at midspan allowing the panel to 

resist higher loads. The added stiffness allows the panel to reach its peak load at a lower 

deflection and end-rotation than its simply supported counterpart.   

3. The bolted angle panels loaded in a configuration that simulates external wind pressure 

achieved 25% higher peak loads than when loaded from the opposite direction simulating 

suction. When both configurations were supported by rollers, this increase was 40%.  

4. The bolted angle panel reinforced with BFRP flexural reinforcement and connectors of 

similar reinforcement ratio as its steel-reinforced counterpart, showed 33% lower 














































































